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16247 SHEAR STRENGTH TAPERED WOOD BEAMS 


KEY WORDS: Beams (structural); Bending moments; Brittle failure; 
Concentrated loads; Failure (mechanics); Materials failure; Shear strength; 
Taper; Ultimate strength; Wooden structures 


ABSTRACT: The analysis size-strength relationship for the shear strength 
rectangular wood beams based Weibull’s theory brittle failure has been extended 
cover tapered wood beams. The important design parameters have been identified 
the analysis. The numerical data for Douglas fir beams are presented graph form, 
making straightforward extend the results other wood species. The analysis 
the present work two-dimensional, and general enough consider all practical 
loading conditions the plane. However, only few important loading conditions are 
considered generating the design curves for Douglas fir. Design procedures are 
illustrated numerical examples. 


REFERENCE: Liu, Y., “Shear Strength Tapered Wood Beams,” Journal the 
Structural Division, ASCE, Vol. 107, No. STS, Proc. Paper 16247, May, 1981, pp. 
719-731 


16240 EFFECTIVE WIDTH GIRDER WEB 


KEY WORDS: Axial stress; Bridges (girder); Concrete construction; 
Concrete (prestressed); Concrete strength; Crushing; Girders; Shear 
strength; Webs (supports) 


ABSTRACT: The effective web width used the shear design thin-webbed 
concrete beam, containing longitudinal prestressing ducts the web, examined. 
Various expressions proposed for the effective web width are reviewed and compared 
with data from. plain concrete prisms loaded axial compression and from tests 
beams which failed the web crushing mode and which contained duct the web. 
Prism tests not accurately simulate the behavior the web diagonal 
compression. effective web width based data from beam tests proposed, and 
chart for use computing the shear strength based web crushing included. 


REFERENCE: Campbell, Ivan, and Batchelor, Barrington deV., “Effective Width 
Girder Web Containing Prestressing Duct,” Journal the Structural Division, ASCE, 
Vol. 107, No. Proc. Paper 16240, May, 1981, pp. 733-744 


16251 CONFIGURATION OPTIMIZATION TRUSSES 


KEY WORDS: Configuration; Design criteria; Minimum weight design; 
Minimum weight theory; Multipliers; Structural analysis; Structural design; 
Trusses 


ABSTRACT: minimum weight design trusses considered including sizing 
and configuration variables simultaneously the design space. Second-order Taylor 
series expansions displacement quantities are used along search direction order 
avoid large numbers complete structural analyses. Disjoint feasible regions are 
recognized. Side constraints nodal coordinates are used avoid analyses for 
structures with statically unstable configurations. primal-dual method, called the 
multiplier method, employed optimization tool. 


REFERENCE: Imai, Kanji, and Schmit, Lucien A., Jr., “Configuration Optimization 
Trusses,” Journal the Structural Division, ASCE, Vol. 107, No. Proc. Paper 
16251, May, 1981, pp. 745-756 


16253 ANALYSIS RELIABILITY FOR MASONRY STRUCTURES 


KEY WORDS: Brick masonry; Building codes; Concrete masonry; Limit 
design method; Loads (forces); Masonry; Probability theory; Reliability; 
Statistical analysis; Strength materials; Structural analysis; Structural 
design 


ABSTRACT: Strength design and the use loading criteria, based probabilistic 
limit states design principles, are relatively new concepts the masonry area. These 
concepts afford number advantages for design. Their implementation requires 
assessment the following: statistical data masonry strength, the establishment 
appropriate measures reliability for design, and the development safety factors 
applied material and load variables. Available strength data brick and concrete 
masonry construction are summarized, and few reliability calculations are made 
show how masonry compares with other engineered construction materials. 


REFERENCE: Ellingwood, Bruce, “Analysis Reliability for Masonry Structures,” 
Journal the Structural Division, ASCE, Vol. 107, No. Proc. Paper 16253, 
May, 1981, pp. 757-773 


16262 STRENGTH PRETENSIONED BOX GIRDERS 


KEY WORDS: Bending moments; Box girders; Computer models; Concrete 
(prestressed); Deformation; Deformation analysis; Finite elements; Shear 
strength; Torque; Torsion tests; Ultimate strength 


ABSTRACT: analytical computer model developed analyze prestressed 
concrete box girders subjected torque, bending moment, and shear. Its performance 
evaluated comparison with results experimentation and current theory. 
Emphasis placed the prediction post-cracking member deformations addition 
ultimate member strength. The analytical flexibility the computer model 


illustrated contrast the restrictive assumptions encountered current theory. 
Being afflicted only one serious shortcoming (which involves the variation 
magnitude the shear stress from the outside the inside edge and which not 
significant box girders common cross-sectional geometry), the computer model 
flexible, comprehensive mode analysis whose range application limited few 
constraints. 


REFERENCE: Taylor, Graham W., and Warwaruk, Joseph, and 
Deformation Pretensioned Box Journal the Structural Division, ASCE, 
Vol. 107, No. STS, Proc. Paper 16262, May, 1981, pp. 775-788 


16267 RATIONAL DESIGN FILLET WELD GROUPS 


KEY WORDS: Charts; Design standards; Fillet welds; Shear; Steel 
construction; Ultimate loads; Ultimate strength; Ultimate strength design; 
Welded joints; Welding; Welds 


ABSTRACT: Rational methods analysis and design fillet weld groups are 
presented. Concise statements current elastic limiting stress procedures are used 
provide information the form design charts. Experimental and theoretical studies 
ultimate load behavior are described, and empirical constitutive laws are used 
generate ultimate load charts predicting the static strength wide range fillet 
welds carrying in-plane moment and shear. There appears excellent supportive 
evidence for the accuracy the ultimate load model, and there would appear 
the basic more rational approach fillet weld design. The insensitivity the 
model details the coupon-modeling behavior important and suggests the 
possibilty fairly easy extension into areas where significantly larger leg lengths are 
required. 


REFERENCE: Swannell, Peter, Design Fillet Weld Groups,” Journal 
the Structural Division, ASCE, Vol. 107, No. STS, Proc. Paper 16267, May, 1981, pp. 
789-802 


16268 WELD GROUP BEHAVIOR 


KEY WORDS: Computation; Failure (mechanics); Fillet welds; Steel 
Ultimate loads; Ultimate strength; Welded joints; Welding; 
elds 


ABSTRACT: Methods for -calculating the ultimate loads fillet weld groups are 
explored, and results are compared with elastic limiting loads. The position the 
instantaneous center rotation example weld group traced throughout load 
history from zero through failure. The significance “pure shear” and “pure 
moment” loading conditions are examined, and example calculation described. 
The computational procedures necessary for the solution general in-plane, 
generally loaded weld group are described. 


REFERENCE: Swannell, Peter, “Weld Group Behavior,” Journal the Structural 
Division, ASCE, Vol. 107, No. Proc. Paper 16268, May, 1981, pp. 803-815 


16254 PILE CAP-PILE GROUP-SOIL INTERACTION 


KEY WORDS: Beam columns; Displacement; Finite element method; 
Nonlinear systems; Numerical analysis; Pile foundations; Plates (structural 
members); Soils; Soil-structure interaction; Stiffness 


ABSTRACT: numerical procedure based the finite element method proposed 
for the analysis structural systems composed beam-column (pile), plate (cap) and 
nonlinear springs (soil). integrates one-and two-dimensional idealizations for these 
components order obtain approximation the three-dimensional problem. 
allows for soil-structure interaction effects influenced nonlinear soil behavior, loss 
contact and tensile stress conditions. The predictions from the procedure show 
satisfactory comparison with results from other numerical procedures and laboratory 
observations. parametric study conducted indentify the influence relative 
stiffnesses distribution loads and displacements the cap-pile-soil system. The 
procedure can permit computation the histories stresses, moments and 
displacements the entire system. 


REFERENCE: Desai, Chandrakant S., Kuppusamy, Thangavelu, and Alameddine, 
Ahmad “Pile Cap-Pile Group-Soil Interaction,” Journal the Structural Division, 
ASCE, Vol. 107, No. Proc. Paper 16254, May, 1981, pp. 817-834 


16263 CONCRETE COUPLED WALLS: EARTHQUAKE TESTS 


KEY WORDS: Buildings; Collapse; Concrete (reinforced); Cyclic loads; 
Dynamics; Earthquake loads; Inelastic action; Seismic stability; Simulation 
models; Structural dynamics; Walls 


ABSTRACT: Tests six approximately one-twelfth scale reinforced concrete coupled 
walls under seismic loading are described; the results are compared collapse 
mechanisms calculated conventional means. Five structures were subjected, 
earthquake simulator, the base acceleration record measured Centro, 
California, during the Imperial Valley earthquake 1940; one was subjected slow 
cyclic loading into the inelastic range. The major variables the study were the 
strength and stiffness the connecting beams. evaluating the experimental results, 
the effect microcracking the initial stiffness the structure noted, are the 
effects higher mode response the accelerations, base shear and base moment. 
Using lateral loading the shape the first mode, the collapse mechanisms for the 
test structures, varying with strength and stiffness the connecting beams, were 
determined. 


REFERENCE: John M., “Concrete Coupled Walls: Earthquake Tests,” Journal 
the Structural Division, ASCE, Vol. 107, No. STS, Proc. Paper 16263, May, 1981, 
pp. 835-855 
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16266 AREA-DEPENDENCE AND STRUCTURAL LIVE LOADS 


KEY WORDS: Building design; Buildings (codes); Floors; Load factors; 
Load limits; Occupancy; Probability theory; Stochastic processes; Time 
factors 


ABSTRACT: Previously developed live load process models for building loads are 
generalized include area dependence for several different occupancies. Several 
approximations the process models are investigated through 
expressions. number simplifying assumptions employed deriving lifetime 
maximum total load statistics are substantiated simulation lifetime processes with 
sustained and extraordinary load components. multiple extraordinary load model 
more realistically reflects variety unusual loading situations; multiple load 
occurrence and finite duration are included. Mean lifetime maximum total loads for 
few different occupancies are seen general agreement with various model code 
formulations, and need for greater data indicated. 


REFERENCE: Harris, Michael E., Corotis, Ross B., and Bova, Carl J., “Area- 
Dependent Processes for Structural Live Loads,” Journal the Structural Division, 
ASCE, Vol. 107, No. Proc. Paper 16266, May, 1981, pp. 857-872 


16250 RESTRAINED R/C SKEW SLABS 


KEY WORDS: Concrete (reinforced); Cracking; Deflection; Loads (forces); 
Membrane processes; Restraint systems; Skewness; Slabs; Ultimate strength; 
Yield point 


ABSTRACT: method presented for determining the complete load-deflection 
behavior reinforced concrete skew slabs restrained the edges and subjected 
uniformly-distributed loading. The analysis considered three stages. the first 
stage the load-deflection behavior the cracking load considered. The behavior 
between the cracking load and the yield line load considered the second stage. 
The load-deflection behavior beyond the yield line load, taking into account the effect 
the membrane action, considered the third stage. Details experimental 
program casting and testing reinforced concrete skew slabs restrained the 
edges are presented verify the results the analysis. 


REFERENCE: Desayi, Prakash, and Prabhakara, Anantharamaiah, 
Behavior Restrained R/C Skew Slabs,” Journal the Structural Division, ASCE, 
Vol. 107, No. STS, Proc. Paper 16250, May, 1981, pp. 873-888 


16256 FRAMES WITH VISCOELASTIC INFILL PANELS 


KEY WORDS: Damping; Damping capacity; Damping tests; Design criteria; 
Dynamic characteristics; Energy absorption; Panels; Steel frames; Vibration; 
Viscoelasticity 


ABSTRACT: The effectiveness energy absorbing infill panels passive means for 
increasing damping and minimizing vibration examined. Methods for designing such 
infills, simplified models for dynamic analysis and analyses for predicting effective 
damping are considered. Viscoelastic constitutive equations are used model the 
linear damping capacity steel and the highly damped material. The effective 
damping infilled frames determined computing steady state responses 
harmonic lateral excitation. particular infill panel configuration suggested, and 
simplified dynamic model, consisting equivalent plain stress rectangle, verified 
and used for the dynamic analyses. Steady state responses are computed for sixteen 
story, steel rigid frame with and without infill panels. Significant increases the 
damping the steel frame can realized. 


REFERENCE: Gasparini, Dario A., Curry, Lawrence W., and DebChaudhury, 
Amitabha, “Damping Frames with Viscoelastic Infill Panels,” Journal the 
Division, ASCE, Vol. 107, No. Proc. Paper 16256, May, 1981, pp. 
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16235 SHEAR BEAMS WITHOUT WEB REINFORCEMENT 


KEY WORDS: Beams; Beam tests; Concrete (reinforced); Failure; 
Longitudinal stability; Reinforced concretes; Reinforcement (structures); 
Shear strength; Shear stress; Statistical analysis 


ABSTRACT: summary study the shear strength nonprestressed reinforced 
concrete beams presented, which was aimed assessing the feasibility the basic 
shear stress equation proposed the former ACI-ASCE Committee 426. The main 
variable the study longitudinal reinforcement ratio. All beams had shear span/ 
depth ratio least 2.0 and contained shear reinforcement. The data base used 
the statistical analysis comprised the following: 266 beams reported the 
literature, and the results ten beams which were fabricated and tested part 
the study. The equation for basic shear stress proposed ACI-ASCE Committee 426 
compared with linear, bilinear and nonlinear forms developed from the statistical 
analysis, well with the recommendations other researchers and the provisions 
various codes practice. 


REFERENCE: Batchelor, Barrington deV., and Kwun, Mankit, “Shear Beams 
without Web Reinforcement,” Journal the Structural Division, ASCE, Vol. 107, No. 
STS, Proc. Paper 16235, May, 1981, pp. 907-921 


16249 ADDING FATIGUE LIFE COVER PLATE ENDS 


KEY WORDS: Bolts; Bridges (girder); Fatigue (materials); Fatigue tests; 
Girders; Plates (structural members); Steel construction; Steel plates; 
Welded joints; Welding 


ABSTRACT: parametric analysis was performed simple-span and two-span 
continuous bridge girders with cover plates. The cover plates were either end-bolted 
end-welded and ground, with available data suggesting 
corresponding Category and respectively. All results were compared with 
conventionally welded cover plates, with ends designed Category End-bolted 
cover plates need not extended beyond the theoretical cut-off point because fatigue 
does not control the design for any loading case. Stress ranges are lower than the 
fatigue limit, and girders percent lighter. When the end weld ground 1:3 
taper, fatigue governs the cover plate length for over million cycles, but not for 
500,000 cycles. Girders weigh 3.7 percent less. The saving the cost cover 
plate material equal greater than the added cost end-bolting end-grinding. 


REFERENCE: Simon, Simon, and Albrecht, Pedro, “Adding Fatigue Life Cover 
Plate Ends,” Journal the Structural Division, ASCE, Vol. 107, No. Proc. 
Paper 16249, May, 1981, pp. 923-935 


16270 SIMPLE SEISMIC ANALYSIS R/C Structures 


KEY WORDS: Computer models; Concrete (reinforced); Dynamic response; 
Earthquakes; Earthquake simulation models; Framed Structures; Nonlinear 
systems; Seismic design; Steel; Stiffness 


ABSTRACT: simple analytical model developed for the calculation the seismic 
displacement history response reinforced concrete frame and frame-wall structures. 
The computer cost for the model approximately three precent that for MDOF 
mounted rigid bar connected the ground hinge and nonlinear rotational 
spring. The primary force-deformation relationship for the spring obtained static 
analysis the multistory structure. account for stiffness changes during 
earthquake, simple hysteresis model comprising only four rules developed. The 
model examined for eight small-scale ten-story reinforced concrete test structures, 
and the analytical results are compared with the measured response histories. The 
model shown successful most instances. 


REFERENCE: Saiidi, Mehdi, and Sozen, Mete A., “Simple Nonlinear Seismic 
Analysis R/C Structures,” Journal the Structural Division, ASCE, Vol. 107, No. 
STS, Proc. Paper 16270, May, 1981, pp. 937-952 


16273 BONDS INITIALLY UNTENSIONED STRAND 


KEY WORDS: Anchorages; Bonding; Buildings (apartment); Concrete 
(precast); Failure; Grout; Prestressing; Pull-out resistance and tests; Pull- 
out tests; Slabs; Tests; Ties; Wire 


ABSTRACT: general hypothesis developed for the pullout response initially 
untensioned but rotationally restrained, seven-wire prestressing strand from concrete. 
Pertinent experimental data are provided and examined. The bond characteristics 
strand are unique and warrant further study. Practical uses the pullout capabilities 
strand are covered. Some consideration given the various forms pullout test. 


REFERENCE: Burnett, Eric F.P., and Anis, Ahmed H., “Bond Characteristics 
Initially Untensioned Strand,” Journal the Structural Division, ASCE, Vol. 107, No. 
Proc. Paper 16273, May, 1981, pp. 953-964 


16271 MODEL FOR LOAD PROCESSES 


KEY WORDS: Climatic climax; Correlation analysis; Human factors; 
Loading (mechanical); Loads (forces); Models; Multivariate analysis; 
Stochastic processes; Structural stability; Time factors 


ABSTRACT: Many loading structures (such wind, wave, snow, and rain-on- 
snow) may due common source and have tendency cluster around 
common points time that the occurrence dependence may important factor 
load combination analysis. Based multivariate point process, analytical 
model presented take such occurrence dependence into consideration. Methods 


for analysis mean rate load coincidence and probability combined load are 
developed extension the load-coincidence method previously proposed. 
Approximate solutions are obtained simple, closed form. The accuracy the 
method verified Monte-Carlo simulations. The load coincidence rate extremely 
sensitive occurrence clustering. result, when such dependence exists and not 
considered, the estimate the probabilty combined maximum, well the 
reliability structure could seriously error. 


REFERENCE: Wen, Yi-Kwei, “Clustering Model for Correlated Load Processes,” 
Journal the Structural Division, ASCE, Vol. 107, No. Proc. Paper 16271, 
May, 1981, pp. 965-983 
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SHEAR STRENGTH TAPERED Woop BEAMS 


INTRODUCTION 


Due their structural efficiency, tapered beams are becoming more and 
more popular various types constructions. The stress and strength analyses 
tapered beams have been performed several authors such Maki and 
Kuenzi (6), Mohler and Hemmer (7), Chong, et. (1), and others (2,10). These 
analyses are all based the elementary Bernoulli-Euler theory bending 
which does not consider the anisotropic property wood. However, reported 
Ref. the stress situation existing tapered wood beams with uniformly 
varying cross section and the deflection curve predicted the elementary theory 
are close agreement with test data. These analyses are therefore valuable 
when proper strength model such the interaction formula developed 
Norris (8) used for the determination the ultimate strength tapered 
wood beams. 

pointed out Weibull (11,12), the classical theory strength can 
incompatible with results experimental research. The ultimate strength 
material cannot expressed single numerical value and statistical 
distribution function required for this purpose. Based Weibull’s statistical 
theory brittle failure, the shear strength rectangular wood beams has been 
considered Foschi and Barrett (3) and the writer (4). 

the present study the shear stress distribution reported Ref. and 
the method analysis described Ref. are used estimate the shear 
strength tapered wood beams. Due the special geometrical features 
tapered beams, the resulting formulas can only expressed terms the 
double integrals which cannot reduced closed form. Numerical techniques 
must then used obtain approximate solutions for each wood species whose 
Weibull parameters have already been determined. 


Stress 


The shear stress distribution any section tapered beam shown 
Fig. can written (6): 


Forest Products Lab., Forest Service, U.S. Dept. Agr., P.O. Box 5130, 
Madison, Wisc. 53705. 

Note.—Discussion open until October 1981. extend the closing date one month, 
written request must filed with the Manager Technical and Professional Publications, 
ASCE. Manuscript was submitted for review for possible publication July 1980. 
This paper part the Journal the Structural Division, Proceedings the American 
Society Civil Engineers, Vol. 107, No. May, 1981. ISSN 0044- 
8001 /81 /0005-0719 
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which the shear stress any point, section thickness, 
height, subjected moment, The slope the taper and the shear 
force the section are represented dh/dx and dM/dx, respectively. This 
expression known incorrect regions close bearing support 
load block, where stress concentrations usually exist. However, these stress 
concentrations, highly localized inside the beam, are seldom high enough 
trigger shear failure and are, therefore, not very significant statistical 
analysis shear strength wood beams. The application Eq. further 
justified because the stresses those regions close bearing support 


VALUES 


FIG. 1.—Shear Stress Distributions for Particular Tapered Beam which Rx, 


load block can most roughly estimated due the uncertainties the 
related boundary conditions (5). 


Application the calculus probability leads the fundamental law 
the statistical theory (11), which can expressed 


v 


which the probability rupture the cumulative frequency failure 
any given distribution stresses, over volume, and material 
function. shown Ref. good agreement with experimental data was 
obtained when one put 


From and can shown that 


ST5 
ly ge =. 


TAPERED WOOD BEAMS 


where can expressed, according Ref. 
1.5) 


which and constants determined from test results; and 
the Gamma function. 

For tapered beam under specified loading conditions, only necessary 
substitute Eq. for Eq. and perform the integration obtain 
which also can put the following form 


yield the required strength information. Since shear stresses only change 


(a) 


FIG. 2.—Simply Supported, Single Tapered Beam under Concentrated Load 


the shape volume element, only their absolute values need considered 
the numerical integration. 


For single tapered beam under concentrated load shown Fig. 2(a), 
convenient break the analysis into two parts for the two portions 
the beam separated the load point. 

Left Portion Beam 2(a)].—Let the concentrated load, applied 
distance, from the left support, where the reaction force and 
the beam height h,, and let the taper slope Then: 


ST5 721 
(b) 
A, 
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for 


Substituting these into Eq. and then setting for Eq. the following 
expression obtained after some coordinate transformations and algebraic 
manipulations: 


which represents the volume the left portion the beam, 


the maximum horizontal shear stress the beam the support; 
and 


The double integral Eq. cannot reduced closed form for arbitrary 


FIG. Supported, Double Tapered Beam under Concentrated Midspan Load 


positive value for but can evaluated numerically using digital computer 
any specified degree accuracy with relative ease (9). interest 
note that Eq. 10, the only parameter other than the material constant 
Weibull shape parameter, that will determine the value for 

The foregoing results can directly applied double tapered beam 
shown Fig. when the load applied the apex the beam. not 
necessary that the two portions the beam identical the above derivations 
are true for any tapered beam geometry and the values for all portions 
the beam are additive. 

Left Portion Beam [Fig. left portion the beam Fig. 
geometrically identical the right portion the beam Fig. From 
Fig. one obtains, 
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for 


Following the same procedures described previously, follows: 


which represents the volume, the left portion the beam; 
tan which associated with the beam cross section 
under the load, and introduced for mathematical conveniences; and 


FIG. 4.—Simply Supported, Single Tapered Beam under Several Concentrated Loads 


Setting Egs. and 13, evident for the single tapered 
beam Fig. 2(a) 


Using Eq. the load, can determined, after some algebraic manipulations, 
for any failure probability, 


For single tapered beam under several concentrated loads shown 
Fig. suffices derive the expression for for the portion the beam 
between any two consecutive loads, say and The two end sections 
have already been considered previously. Thus: 


+... 


x 


The expressions for and dh/dx remain the same shown Eq. 
From Egs. and can shown that 
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the volume the beam section between 


... P,). takes little effort extend the foregoing 


derivations the case double tapered beam under several concentrated 
loads. 


For single tapered beam double tapered beam under uniform load, 
shown Figs. and the two reaction forces are equal. For the latter 


wl=W 


FIG. Supported, Single Tapered Beam under Uniformly Distributed Load 


case, the two portions either side the apex are not the same, the 
load each portion will not equal the reaction force from the adjacent 
support. Let the left reaction force which constant. For 
the single tapered beam Fig. 1/2; for the double tapered beam 
Fig. The bending moment any section, then 


wx? 


x 


Substituting these into Eq. and then using Eq. the following expression 
can obtained: 


horizontal shear the beam the support; and 
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=2 


For the double tapered beam Fig. the two portions either side 
the apex are the same and the right side Eq. must multiplied 
obtain the for the whole beam. That equivalent saying that the 
volume the whole beam should used Eq. while calculated 

When the two portions the double tapered beam are not the same 
are under different uniform loads, then will assume different value 
and 20. Eq. still valid for the calculation 


The equations derived previously require the experimental data for and 
for their applications. For dry-use Douglas fir, was reported (4) that 


2wl=2W 


FIG. 6.—Simply Supported, Double Tapered Beam under Uniformly Distributed Load 


7.19 and 2,700 The values have, therefore, been 
calculated for 7.19 for different loading and geometrical conditions. 

Fig. presents the values versus tan for tapered beams between 
the left support and concentrated load distance, from the support based 
10. The parameter tan depends the ratio the beam height 
the load point that the left support, but not the distance between 
them. the taper slope, approaches zero, approaches unity. This agrees 
with the result Ref. for rectangular beams. seen that the results can 
directly applied double tapered beams loaded the apex. 

For the portion the single tapered beam between the load and the large 
end, shown Fig. 2(b), the values calculated from Eq. are plotted 

The values for single and double tapered beams under uniform load calculated 
from Eq. are shown Fig. the taper slope, approaches zero, 
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approaches 0.122 for 7.19, which agrees with the result 
Ref. These two cases were also covered Foschi and Barrett (3) following 
different approach. their work the one characteristic parameter, defined 
differently, was found vary with L/h, and tan while the present study 
these two variables have been found exist one unity, i.e., 
The implications the present study can best illustrated some numerical 
examples. The AITC 117-76 Standard recommends maximum allowable shear 
stress 165 psi (1.1376 MPa) for dry-use glue-laminated Dougias fir, under 
normal conditions loading (10 yr). According the present study this allowable 
shear stress depends beam size, beam geometry, and loading conditions. 
Consider first single tapered beam the following dimensions: 240 


FIG. for Tapered Beam between Small End and Concentrated Load Distance, 
from Small End (Eq. 10) 


in. (6.096 m); in. (0.152 m); in. (0.610 m); in. (1.829 
m); and tan 0.2. Consider the following two loading conditions. 


Single Concentrated Midspan Load 
The following steps are taken calculate the short-term shear stress, 
the exclusion limit failure probability: 


Calculate tan and determine from Fig. Thus tan 
120 0.2/24 and 0.21. The volume the left half the beam, 
V,, 25,920 in. (0.4247 and Eq. gives 


5443.2 
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From Fig. for tan 0.333, 3.31. The volume this 
half the beam, 43,200 in. (0.7079 and Eq. gives 


142,992 


100 


a TAN@/he 


FIG. for Tapered Beam between Large End and Concentrated Load Distance, 
a’, From Large End (Eq. 13) 


0.05129 527.7 psi (3.6383 MPa) and the corresponding load, 3P/(4 


The stress and load values are the exclusion values calculated from 
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parameters from short-term tests. For use design, these values should 
modified for factor safety, duration load, etc., yield the allowable 
values. 

Using AITC recommended shear stress 165 psi (1.1376 MPa), the load 


FIG. Versus tan 6/h, for Simply Supported Tapered Beam under Uniform 
Load (Eq. 20) 


calculated 31.68 kip (140.92 kN), about 31% the previously 
calculated value for short duration exclusion limit. 


Uniform Load Covering Whole Length Beam 


For tan Fig. gives 0.0159. The volume the beam, 
69,120 in. (1.1326 and Eq. 19, with replaced gives 


B 1 


8 
2 A 
(4) 
4) / 2 3 4 5 6 
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From Eq. for 0.05, one obtains 0.05129 
674.5 psi (4.6507 MPa) and the corresponding load per unit length, 


For shear stress 165 psi (1.1376 MPa) recommended American 
Institute Timber Construction (AITC), the corresponding load per unit length 
becomes 132 (23.1 which about 24% the previously 
calculated value for short duration failure probability. 

This case was also examined Ref. from which can shown that 
590 psi (4.0686 MPa), which 87% the value based the present 
study. 

Consider now symmetrically double tapered beam the same length and 
characteristic dimensions the previous example. Consider also the following 
two loading conditions. 


Single Concentrated Midspan Load, 

This the same problem presented the Section ‘‘Single Concentrated 
0.05129 490 psi (3.3807 MPa) and the corresponding load, 
3P/(4 24) 490 kip (418.49 kN) which about three times 
the value based the AITC recommendation. 


Uniform Load Covering Whole Length Beam 


From Fig. for tan 0.0422. The volume the beam, 


2,187.6 


psi (4.2261 MPa) and the load per unit length, 120/(2 24) 
613 490.4 (85.82 which about 3.7 times the value 
based the AITC recommendation. 


According Ref. can shown that 525 psi (3.6197 MPa), which 
86% the value obtained from the present study. 


Weibull’s statistical theory brittle failure has been used predict the 
shear strength tapered wood beams. The mathematical formulations are 
expressed terms the Weibull parameters which must determined 
experimentally for each wood species. For Douglas fir the values these 
parameters have been reported Ref. Therefore, these values have been 
used the present study generate design curvund numerical examples showing 
step-by-step procedure estimate the shear strength tapered beams. 

The analysis the present work two-dimensional, and general enough 
consider all practical loading conditions the plane. However, only few 
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important loading conditions are considered generating the design curves 
for Douglas fir. 


While the method analysis presented can used study the shear strength 
beams other geometrical properties such the haunched beams covered 
cautioned that such applications must attempted with care; 
the high stress concentrations the corners those beams may have predefined 
the sites failure, making necessary use other engineering theories such 
fracture mechanics obtain reliable solutions. 

The present analysis provides rational interpretation size effects shear 
and allows the estimation allowable shear strength tapered wood beams, 
provided the beams not contain strength-reducing characteristics such 


severe checks and end splits, and appropriate values can assigned for factors 
safety, load duration, etc. 
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The following symbols are used this paper: 


length; 

tan 

exponent; 

beam width; 

beam height; 

largest beam height; 

smallest beam height; 
constant; 

beam length; 

tan 

bending moment; 

Weibull shape parameter; 
concentrated load; 

reaction force; 

cumulative distribution function; 
volume; 

material constant; 

load per unit length; 
coordinate axes; 

transformed coordinate axes; 
scaling factor; 

characteristic parameter; 
Gamma function; 

material function; 

taper slope; 

horizontal shear stress; 
maximum value and 
short-term shear stress exclusion limit. 
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EFFECTIVE WIDTH GIRDER WEB CONTAINING 
PRESTRESSING DUCT 


INTRODUCTION 


Prestressed concrete and box girders, which incorporate thin webs minimize 
dead load, are widely used construction. Such girders are susceptible 
web crushing mode shear failure due the high diagonal compressive 
stress induced the thin web applied shear force. When such girder 
post-tensioned cables located the web, significant width web concrete 
replaced the prestressing ducts. Consequently, the compressive strength 
the web may become the criterion which governs the shear capacity the 
girder. 

has been recognized that the presence prestressing duct reduces the 
compressive strength web (7) and that this reduction may accounted 
for design assuming reduced web width, termed the effective web width. 
present, definition the effective web width given existing North 
American codes. However, number expressions have been proposed (3,4,5,7) 
whereby the effective web width may related the actual web width and 
the diameter the duct. These expressions are reviewed this paper and 
comparisons are made using results from tests prisms containing transverse 
duct and loaded axial compression, well results from tests beams 
failing the web crushing mode. 

shown that the effective web width, derived from prism test data, 
less than that obtained from beam test data. 


Review 


Leonhardt (7) has suggested that, ducts thick bars having diameter, 
greater than one-tenth the web width, are located the web, the 
effective web width, b,, should taken as: 
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for ungrouted ducts 


and for grouted ducts 


The summation sign applied when more than one duct located the same 
level web. 

proposal was found reasonable Clarke and Taylor (5), 
who conducted axial compression tests plain concrete prisms with and without 
single transverse duct. They proposed that the effective web width taken 


which modulus elasticity the grout the duct; and modulus 
assumption, Eq. reduces Eq. 1b. For ungrouted duct and 
Eq. reduces Eq. Clarke and Taylor also found that angle inclination 
the duct 45° with respect the transverse axis the prism had 
significant influence the failure load, and that the presence prestressing 
steel the grout increased effectively increasing the modulus elasticity 
the duct infill. 

Chitnuyanondh (4) has proposed the following expressions for the effective 
web widths web containing single duct: 


foran ungrouted duct 


Equations and were derived using strain measurements from test beams 
which failed web crushing mode and which are considered later. 
obvious that Eqs. and give effective web widths greater than those from 
and 1b. 

The CEB/FIP Model Code for Concrete Structures (3) specifies single 
value the effective web width, namely 


The basis for this equation has not been given, however assumed that 
the expression not applicable ungrouted ducts. 

The effective web width defined Eq. has been incorporated the 
Ontario Highway Bridge Design Code (8) which does not allow the use ungrouted 
prestressing cables except during construction. upper limit 60% the 
web width specified for the summation the duct diameters particular 
level. 

can seen that, for particular section, significantly different values 
the effective web width are obtained from the aforementioned expressions, 


ST5 
as 
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and therefore, different web crushing capacities may predicted. However, 
mentioned later, should realized that for particular level applied 
shear, the magnitude the diagonal compressive stress the web function 
its angle inclination well the effective web width. 

The effective web widths defined Eqs. are now compared with data 
from tests axially loaded concrete prisms containing transverse duct and 
from tests prestressed concrete girders which contained prestressing 
duct the web and which failed the web crushing mode. 


Prism Tests 


The well-known truss analogy for reinforced concrete beam subjected 
shear assumes that, subsequent the development diagonal tensile cracking, 
the concrete the web functions the diagonal compressive members 
truss system. These members are assumed axial compression; therefore, 
the web crushing strength beam, which governed the strength 


SPIRAL REINFORCE- 
MENT, 
(WHERE APPLICABLE 


GROUTED 
UNGROUTED 


FIG. 1.—Typical Prism Test Specimen 


the diagonal compressive members, related the compressive strength 
the web concrete. Consequently, number investigators (4,5,6,9) have used 
plain concrete prisms loaded axial compression, shown Fig. simulate 
the behavior the diagonal compressive members the truss. 

Fig. shows results from tests carried out axially loaded concrete prisms 
the Cement and Concrete Association CA), England (5) and Queen’s 
University, Canada (4,6,9). The effective web width, b,, and the duct diameter, 
are expressed fractions the actual web width, both test programs 
the prisms had square cross section. The prisms tested Queen’s had 
in. in. (152 152 mm) cross section, with the exception those 
two series tests which the cross sections had dimensions in. 
in. (51 mm) and in. in. (102 102 mm), respectively. 
The data points from the latter two series are identified Fig. All prisms 
the and tests had cross-sectional dimensions 100 mm. The height 
width ratio the prisms was five the tests and three the 
Queen’s tests. Spiral reinforcement was provided for the in. (76 mm) duct 


AXIAL 
COMPRESSION 
aie ot 
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number the in. in. (152 152 mm) prisms tested Queen’s. 
This spiral reinforcement, which was 1/4 in. mm) Grade deformed bar 
with pitch 7/8 in. (22 mm) and diameter 4-1/2 in. (114 mm), was 
embedded the concrete around the duct (Fig. 1). 

Figures 2(a) and 2(b) show results from tests grouted and ungrouted prisms, 
respectively. Each data point Fig. represents average value from 
particular test series, each containing eight specimens. For particular 
cross section, the effective web width can defined the ratio the ultimate 
load prism with duct that equivalent prism without duct. 
The various expressions given previously for the effective web width are also 
plotted Fig. together with proposed expressions which are presented later. 

can seen Fig. that Eq. reasonable lower bound the 
effective web width for grouted prisms, while Eq. upper bound. Also, 


QUEEN'S (wh REINF) 
(with 


(eo) GROUTED (b) UNGROUTED 


FIG. 2.—Test Data and Proposed Effective Web Width 


Eq. represents average the effective web widths given 
and 3b. Equations 1b, 3b, and show linear decrease effective web width 
with increasing duct diameter. However, the trend the test data suggests 
nonlinear relationship, which may expressed the form: 


seen that Eq. close agreement with Eq. d,/b,, approximately 
equal 0.4. Thereafter, tends toward Eq. giving the same value 
0.67. test results are available values d,/b,, the range 
0.6-0.8 and, thus, the validity Eq. has not been established this range. 
However, this range unlikely encountered practice. evident 


+ 
+ 9 
06 
by ae \ ° 
EQN (6) 
EQN 
7) 


ST5 GIRDER WEB 737 


from Fig. that the effect introducing spiral reinforcement around the 
duct increase the effective web width. 

the case ungrouted ducts, Fig. shows that Eq. reasonable 
agreement with data from the tests, but upper bound the 
test data from Queen’s. expression the form 


proposed lower bound the test data from Queen’s. Again the use 
spiral reinforcement around the duct seen increase the effective web 
width. The test data for ungrouted specimens with spirally reinforced ducts 
indicate effective web width slightly less than that predicted Eq. la. 


3.—Failure Test Specimens 


The parabolic form and indicates that accordance with observations 
the tests (6,9), failure the prisms due combined bending and axial 
compression rather than pure compression the reduced section the vicinity 
the duct, suggested Eq. la. This interaction bending and axial 
compression was most noticeable the ungrouted specimens. The failure 
mechanism these specimens initiated longitudinal splitting the prism, 
thereby transforming the specimen into two separate compressive members 
shown Figs. and cross section the prism the vicinity the 
duct thus subjected combined flexure and compression [Fig. 4(c)]. 
failure defined occurring when the maximum compressive stress the 
section [point Fig. 4(c)] reaches the compressive strength the concrete, 
then the effective web width can shown be: 


a 
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3d, 


Eq. which plotted Fig. 2(b), the term square brackets represents 
the reduction factor which should applied Eq. account for flexural 
effects. expected, Eq. predicts low values the effective web width, 
since failure will not occur until the stress substantial portion the cross 
section reaches the compressive strength the concrete. However, Eq. indicates 
the trend due flexural effects. 

The provision spiral reinforcement around the duct prevents separation 
the prism into two components, thereby reducing flexural effects and increasing 
the effective web width. More test data required before expressions can 
formulated for the effective web width when spiral reinforcement in- 
corporated around the duct. 


SPLITTING 


P/2 
(b) (c) 


FIG. 4.—Failure Mechanism Prism Specimen 


may concluded from the grouted prism test data that Eq. gives 
conservative estimate the effective web width for b,/b,, ratio less than 
0.6. However, the Queen’s test results for ungrouted prisms indicate that Eq. 
gives unconservative values effective web width. The nonlinear 
and are more representative the test data presented herein, than are 
the corresponding linear equations. The validity the effective web widths 
obtained from prism tests now examined using data from test beams. 


Beam Tests 


order use the effective web width concept determining the web crushing 
capacity, necessary relate the diagonal compressive stress the web 
the applied shear force. can shown from the truss analogy (1) that 
the diagonal compressive stress the web, given 


GIRDER WEB 


which applied shear force; truss height; and angle inclination 
diagonal compression the web. 


the ultimate shear force, 


Eq. effective concrete strength factor cylinder compressive 
strength. The effective concrete strength factor, which less than unity, 
introduced account for the fact that due the presence stirrups tension, 
the concrete the web tends crush stress level below the cylinder 


TABLE 1.—Measured and Theoretical Web Crushing Strengths 


VAT Model Using from 45° Truss Model Using 
Measured Eqs. and from Eqs. and 


Beam strength, Strength, a,, Measured Strength, Measured 
(1) (2) (3) (4) (5) (6) (7) 


1-3 are ungrouted; beams 4-8 are grouted. 
Average: Ungrouted 1.13; grouted 1.05. 

Ungrouted 1.15; grouted 1.08. 
Note: kip 4.45 kN. 


strength. This has been demonstrated tests Robinson and Demorieux (12). 
Equation can written the form 


ultimate shear capacity directly proportional the product (b, sin 2a,). 

The effective web width, b,, and the angle inclination, a,, the diagonal 
compression ultimate are examined this section using data obtained 
Chitnuyanondh (4) from tests eight thin-webbed prestressed concrete beams 
containing duct the web and which failed web crushing. Details 
these test beams are given Refs. and The overall nominal dimensions 
the cross section were in. (254 mm) wide in. (406 mm) deep with 
web width 1-3/4 in. (44 mm) and web height 7-1/2 in. (190 mm). 
13/16 in. (20 mm) prestressing duct was located the web giving 


739 
sin 
1 37.1 28.1 35.7 1.32 27.4 1.35 
2 25.7 24.0 34.5 1.07 24.0 1.07 
3 24.3 24.1 33.6 1.01 23.8 1.02 
4 49.7 47.1 36.2 1.05 45.2 1.10 
5 33.2 30.9 36.2 1.07 29.7 1.12 
6 30.4 29.4 34.2 1.03 28.9 1.05 
7 27.1 24.7 33.6 1.10 24.5 1.11 
x 28.0 27.3 33.3 1.02 27.2 1.03 
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ratio 0.46. The duct was grouted five the eight test beams. 
The main variable these tests was the amount web reinforcement. 
Chitnuyanondh (4) derived Eq. using data obtained from these test beams. 
The effective web width was determined from strain measurements the webs 
the beams. The diagonal compressive stress the solid portion the web 
the critical section the shear span was obtained from these measurements. 
failure, crushing the concrete was confined the vicinity the duct. 
The effective web width was established equating the compressive force 
the solid portion the web that the web the level the duct, 
and assuming failure stress the reduced cross section. value 
0.85 was assumed. This value was established from tests companion 
beams without duct the web. The angle inclination the diagonal 
compression the web was also derived from these strain measurements. 


0.4 0.6 


FIG. 5.—Design Chart for Web Crushing Strength 


Table measured strengths are compared with predictions from the variable 
angle truss (VAT) model and the conventional 45° truss model. The VAT model 
described Refs. and 10. this model, the angle inclination the 
diagonal compression established considering strain compatibility and 
equilibrium the truss. The effective web widths, given Eqs. and 
3b, are used the VAT model and those from and the 45° 
truss model. can seen that both models give similar underestimates 
strength, even though different values effective widths are used calculating 
strength. This can attributed the value used conjunction with 
the different web widths. can seen Table that, for the test beams, 
the VAT model gives values ranging from about 33°-36°, which are less 
than the constant 45° assumed the 45° truss model. Thus, for the 


0.8 
0.6 
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0.4 
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two models predict the same web crushing capacity requires the use 
larger effective web width the VAT model. While the use the two different 
effective web widths defined and the 45° truss and VAT 
model, respectively, predict similar web crushing capacities for this particular 
beam section, namely with 0.46, the same cannot said for other 
d,/b,, ratios. For example, with i.e. solid web, Eqs. and will 
give the same value the effective web width, namely the actual web width, 
and thus the web crushing capacity will directly proportional the 
value used. 

Therefore, use the conventional 45° truss with the actual web width, 
will overestimate the web crushing strength beam with solid web, since 
has been shown (4), that the angle diagonal compression failure 
less than 45°. This overestimation demonstrated the example Appendix 

Based the limited data for beams, appears that the effective web width 
determined from prism tests not good indicator the effective web 
width reflected the actual behavior the web beam. thus proposed 
that the effective web width, defined Eq. used conjunction with 
VAT model determine web crushing capacity. This capacity may found 
using design chart such that given Fig. The development this 
chart, which based variable angle truss model, has been described 
Campbell al. (1,2). The use this chart demonstrated the example 
Appendix 

Some recent codes (3,11) permit the use variable angle truss model 
addition the conventional 45° truss model for shear design. the CEB-FIP 
Model Code for Concrete Structures (3) the inclination the web compression 
may chosen arbitrarily within the range 5/3 cot 3/5 (1° 
59°) and the section proportioned accordingly. The effective web width 
specified this code accordance with Eq. and thus lower than that 
Eq. proposed this paper. Therefore, appears that the approach 
this code will underestimate the web crushing strength. 


Concrete prisms containing transverse ducts and loaded axial compression 
not simulate accurately the behavior beam web which diagonal 
compression. This applies solid web well one containing prestressing 
duct. Prism tests give effective web width less than that from beam tests 
and, therefore, lead conservative predictions strength. 

Prism tests indicate that the effective web width not linear function 
duct diameter indicated the expressions reviewed this paper. 

recommended that web crushing strength computed using variable 
angle truss model together with the expressions for effective web width given 
Eq. shown the design example this strength may computed 
using Fig. which does not require evaluation the angle diagonal 
compression. 

More data required from beam tests order examine the effective 
web width over wide range d,/b,, ratio. 

Indications are that spiral reinforcement around duct should have very 
beneficial effect beam shear strength. 
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The application the design chart for web crushing strength, given 
Fig. demonstrated this appendix with reference the computation 
the web crushing strength Beam No. Table Relevant properties 
in.; and 1.75 in. From 


\16 


Web reinforcement index: 


Balanced web reinforcement index (1,2): 
0.85 0.002 


Note that greater than and, thus, the section over reinforced with 
respect shear. Now 


0.85 


Note that failure whereas the upper limit design 
load allowed ACI code Consider the companion beam with 
solid web: 


From Fig. 

(15) 
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0.294 (as before) 


Compare with the prediction 45° truss model. From Eq. 


0.85 4,190 12.25 1.75 sin 90° 38.2 kip 


which greater than that obtained using Fig. 
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The following symbols are used this paper: 


area stirrups within distance, 

effective web width; 

actual web width; 

effective depth; 

duct diameter; 

modulus elasticity concrete; 

modulus elasticity grout; 

yield stress stirrups; 

compressive strength concrete; 

diagonal compressive stress web; 

truss height factor (truss height gd); 

effective concrete strength factor; 

spacing stirrups; 

applied shear force; 

applied shear force ultimate; 

effective shear stress; 

angle inclination web compression; 

angle inclination web compression ultimate; 
limiting concrete strain; 

yield strain web reinforcement; 

web reinforcement index; and 


= 

=> 

g = 

Ss = 

a = 

= 

< 
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CONFIGURATION OPTIMIZATION TRUSSES 
Kanji and Lucien Schmit, ASCE 


INTRODUCTION 


structural synthesis there are four different kinds design variables: (1) 
Sizing; (2) configuration; (3) topological; and (4) material selection variables 
(10). The most rationally designed structure can selected among many possible 
alternative designs optimally allocating some values all these variables. 
However, since all these variables have different characteristics (e.g., continuous, 
discrete, integer) and since the structural response quantities exhibit different 
degrees nonlinearity when expressed function various types design 
variables, reasonable expect that efficient solution methods may differ 
depending upon the design variable types considered particular class 
structural optimization problems. 

this paper, continuous sizing and configuration variables (represented 
nodal coordinates) are treated simultaneously and minimum weight designs are 
sought for determinate indeterminate trusses. The pioneering work Dorn, 
Gomory and Greenberg (1) dealt with determinate trusses subject single 
load condition. Dobbs and Felton (2) considered more general and difficult 
cases including indeterminate structures, multiple load conditions, and local 
well Euler buckling constraints. Both studies (1,2) assumed fixed grid points 
defining possible configurations. Vanderplaats and Moses (11) divide the design 
space into two subspaces, separating the sizing and the configuration variables. 
Their optimization method the configuration subspace employes modification 
Zoutendijk’s feasible direction algorithm. Pedersen (9) treated both the sizing 
and configuration variables simultaneously, using SLP (sequence linear 
programs) technique with tight move limits. Lipson, et. (6) solves the 
configuration problem with direct method called the complex method. 

this study, advanced primal-dual method, called the multiplier method, 
employed. order achieve reasonable computational efficiency and 
overcome the severe nonlinearity the problem, second-order Taylor series 
expansions for displacement quantities (in terms reciprocal sizing and nodal 

Asst., currently Research Engr., Kajima Computation Center, Tokyo, Japan. 
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coordinate variables) are used along search direction. Structural analysis 
based the finite element displacement method. 


The minimum weight design for topologically fixed truss sought. Stress, 
displacement, and simple Euler buckling constraints are imposed behavioral 
constraints. addition, appropriate side constraints are imposed the design 
variables, namely independent reciprocal cross-sectional areas and independent 
nodal coordinates. 

Since the number design variables combined configuration problems 


2 A 


FIG. 1.—Interior and Exterior Penalty Functions 


can large, useful practice introduce design variable linking 
order reduce the dimensionality the design space, while the same time, 
imposing practical design requirements, such symmetry conditions. The 
following set considered for cross-sectional areas 


which the cross-sectional area jth member; the total number 
members. The set the set member numbers, which component 
members have common reciprocal sizing variable B,. this grouping, the 
number independent sizing variables can reduced from 
The linear linking relations for the independent nodal coordinates 


ig 
\ 
\ ' 
a 
1 
' 
2 ' 
\ \ 
\ \ 1 if 
\ ' 
\ \ P 
\ 
\ 
1 \ \ 
A 
A A 
¢ 
' 
” 
' 
' 
' 
1 


ST5 CONFIGURATION OPTIMIZATION 747 


are considered mainly impose symmetry conditions the nodal arrangement. 
The relation given 


which dependent nodal coordinate; appropriate constants; and 
denotes the total number independent nodal coordinates. Note that 
useful special case Eq. obtained putting with all others 
zero. Then have +y,. This relation sufficient impose common 
symmetry conditions nodal coordinates. The third linking set, described 
the following section, required when the derivatives response quantities 
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FIG. 2.—Augmented Lagrangian Functions 


with respect independent nodal coordinates are determined. defined 


which has been defined the nodal coordinate vector for the jth member 
with components corresponding the nodal coordinates both ends the 
jth member. words, set member numbers such that the component 
members have common independent nodal coordinate y,. 

The configuration optimization problem now formulated follows: 


N 
j=l 
2 
Nm 
i=l 
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Eq. represents the weight objective function which p,and respectively, 
the density and member length the ith member. Eq. denotes the stress 
constraints (the stress the ith member due the kth loading condition). 
The lower limit Eq. has been defined 


which the usual lower stress limit; and o,, the allowable stress 


for Euler buckling. The following simple empirical formula used for 


which constant determined the cross-sectional geometry, the Young’s 


TABLE 1.—Data for Problems and 


Allowable stress +0.2 10° psi (0.138 10° 
Density 0.1 in. (0.276 10* 
Buckling coefficient 0.4 10° psi (0.276 10° 

Load magnitude 0.2 10° (0.890 10° 


modulus, and the safety factor. Eq. the displacement constraint for the 
ith displacement component due kth loading condition u,. Eqs. and 
represent side constraints the independent reciprocal sizing variables and 
the nodal coordinates, respectively. Eq. embodies the node ordering constraints. 
The constraints Eqs. and are used avoid statically unstable configurations 
and preclude the occurrence impractical designs during the optimization 
process. Should almost unstable configuration arise during the iterative design 
process, the structural analysis would break down because the stiffness matrix 
becomes almost singular ill-conditioned. this occurs, impossible for 
any optimization algorithm locate the optimum point. Therefore, configuration 
optimization problems should carefully defined using Eqs. and 

should recognized that the feasible region defined Eqs. and 
not necessarily simply connected configuration optimization problems. 
Disjoint feasible regions can exist (5). However, making appropriate use 
Eqs. and the search for optimum design can restricted one 
the disjoint feasible regions. 


ST5 
Values 
(1) (2) 


ST5 CONFIGURATION OPTIMIZATION 
APPROXIMATION ALONG LINE 


most mathematical programming approaches structural optimization 
problems, the line search which solves the one-dimensional minimization problem 
along previously selected direction takes large portion total computational 
time. This because each line search usually involves many complete analyses. 
Therefore, order avoid excessive number structural analyses, the 
following second-order Taylor series expansion, along search direction, 
employed for displacement quantities 


which the scalar step length along the search direction. The second-order 
term retained Eq. because displacement response quantities are highly 
nonlinear with respect changes the configuration design variables. From 
evident that once the values the coefficients and 


5@ 250.0 in = 1250.0 in 


FIG. 3.—18 Bar Truss (Problem 


are determined the base point unidimensional search, 
possible estimate the displacement (and the stress) state any point along 
the line, simply assigning particular value Eq. 12. Therefore, 
possible reduce the number complete analyses needed locate 
approximate optimal step size. The first-order term calculated 
the usual pseudoload vector method (3). However, the second-order term 
computed using second-order central finite difference formula 
because the exact determination requires excessive computational 
effort and storage capacity. 


order present the multipler method (4) general terms, consider 
structural optimization problem that can cast the form: 
Min 


16 . 12 8 4 1 y 


750 MAY 1981 ST5 


g,(Z) represents the ith constraint function; and the total number inequality 
constraints. Although many different versions the multiplier methods are 
now theoretically possible (8), the following fundamental algorithm suggested 
for the general problem posed and 14: 


Step 1.—Select initial Lagrange multiplier vector and initial response 
factor 


Step 2.—Solve the following unconstrained optimization problem with respect 
the primal variable 


Min 


inwhich 


i=l 

Step 3.—Suppose vector solves Step Update 


2 
otherwise (17) 


Step 4.—If ... m), stop [the optimal solution 


TABLE 2.—Results for Bar Truss 


Variables 
(1) 


Weight, pounds 
square inches. 
inches. 


incremental factor greater than unity. Otherwise, C*. Step with 


(18) 
(2) (3) 
608.2° 
192.9° 
381.7° 
181.0° 
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The foregoing procedure is, formally speaking, slight extension the usual 
quadratic penalty function method and can viewed one the variants 
the conventional penalty function methods. However, this algorithm has the 
following advantages, compared with the conventional penalty function methods, 
when applied general structural optimization problems: 


Any starting design (feasible infeasible) allowed. 

The ill-conditioning each unconstrained minimization problem often 
associated with the conventional penalty function methods can eliminated. 

The rate convergence superior since the convergence accelerated 
the convergence the Lagrange multipliers well the increase the 
response factor. [Note that the conventional penalty function methods, the 
increase (or decrease) the response factor the only driver causing intermediate 
design points converge toward optimal 

The algorithm can practice used either feasible optimization 
method infeasible optimization method choosing certain values for 
the initial Lagrange multipliers. 


H 


b: buckling critical, s: stress critical 


FIG. 4.—Optimal Configuration Problem 


all initial Lagrange multipliers are set zero, then the algorithm yields 
sequence infeasible designs which tend converge toward optimal 
solution. 

Since optimal primal and dual (Lagrange multipliers) variables are sought 
alternately the algorithm, the multiplier method primal-dual method. 
However, the dual space, only single-constant step steepest-ascent search 
carried out estimate the optimal dual variables each stage (see Eq. 
18). 


APPLICATION 


order see more clearly some properties the multiplier method, 
simple symmetric two bar truss shown Fig. considered. Minimum weight 
design with respect sizing variables will sought subject stress constraints. 
Then apart from the problem constants, the optimization problem can take 
simple form with single variable cross-sectional area both members): 
Min subject 1/A (the constant some problem dependent constant). 
This particularly simple problem will solved with the conventional penalty 
function methods clarify the advantages using the present primal-dual 
method. Two sets real and dotted curves are drawn Fig. They respectively 
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represent the Fiacco-McCormick type interior penalty functions and the exterior 
quadratic penalty functions (see actual forms both functions, e.g., Ref. 
3). All these curves were derived specifying 1.0 and changing required 
response factors. Each these methods leads the same solution converging 
from the feasible and infeasible regions respectively, the response factors 
are gradually increased (see Fig. 1). However, note that the functions whose 
minimum should sought become sharper and sharper (ill-conditioned) with 
the increase response factors. will obvious that the minimization 
such ill-conditioned functions might encounter numerical difficulties. 

Now, let solve the same problem with the multiplier method. The augmented 
Lagrangian functions (Eq. 16) were drawn Fig. with initial Lagrange multiplier 
and constant response factor The figure also includes the augmented 
Lagrangian function that possesses the optimum Lagrange multiplier the present 
problem (A* 1). compared with the results Fig. the series curves 
Fig. are relatively smooth. ill-conditioning observed. This stems 
from the fact that not necessarily let the response factor infinity 
the present method. The convergence the Lagrange multipliers alone 


FIG. 5.—23 Bar Truss (Problem 


can drive sequence intermediate solutions optimum. Note that when 
exact optimal Lagrange multipliers can supplied Eq. 16, true primal 
solution embedded exact minimum point the augmented Lagrangian 
function [see the curve A(A*) Fig. 2]. This fact particularly different 
from the usual penalty function methods. The multiplier method used 
this example yields sequence infeasible designs when Lagrange multipliers 
smaller than the optimum are employed (e.g., this case). 


Results for two planar truss examples are presented and they illustrate the 
benefit including configuration change structural optimization problems. 
Additional numerical examples can found Ref. The computations were 
carried out the IBM 360/91 the University California, Los Angeles 
(ULCA). The multiplier method, with initial Lagrange multipliers set zero, 
was used. The unconstrained optimization problems created the multiplier 
method were solved the Davidon-Fletcher-Powell method with self-scaling 
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feature added (7). The two example problems presented here have common 
data for material, minimum gage and loading magnitude. These data are given 
Table 

Problem Bar Truss.—The cantilever truss shown Fig. was considered. 
Stress and Euler buckling constraints were imposed. single load condition 
ways, pure sizing (Case IA) and combined configuration-sizing problem 
(Case IB). Results for the pure sizing and the combined configuration-sizing 
run are given Table Optimal configuration shown graphically Fig. 
and heavy lines are used indicate stress critical (strength buckling, see 


TABLE 3.—Results for Bar Truss 


Variables Case IIA Case IIB Case 
(2) (3) 


A,= 
A,= 
A,= 
A.= 
A,= 


Weight, pounds 

square inches. 

inches. 


and 10) members, while dotted lines show the initial configurations used. 
both runs, the initial values the cross-sectional areas were all 10.0 
in. (6,452 this example, 27% weight reduction was observed 
adding configuration type design variables. The optimum design result for 
the combined configuration-sizing problem qualitatively plausible and intuitively 
satisfying. Examination Fig. reveals that the final design one where 
(1) The truss depth increases with increasing bending moment; and (2) the final 
lengths heavily loaded compression members are shorter than their lengths 
the initial configuration. 

II: Bar Truss.—The truss shown Fig. treated examine 
the combined effect mechanical and thermal loadings optimal configuration. 
All upper chord members 14, and are subject common thermal 


406.0° 408.7° 
40.3° 
123.7° 
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strain AT, 0.6 in./in. (1.08 cm/cm °C) and AT, 
200° the same time, downward vertical loads are applied 
shown the figure. There are five independent sizing variables: 
nodal coordinates x,, Vg, and The following three 
cases are considered: (1) Case constrained sizing problem; (2) Case 
constrained combined configuration and sizing problem; and (3) 
Case and Euler buckling constrained combined configuration and 
sizing problem. Numerical results for these three cases are given Table 
Optimal configurations for Cases IIB and IIC are plotted Fig. which 
critical members are identified heavy lines. Comparing the results Table 


Case IIB 


b: buckling critical, s: stress critical 


m: minimum gage critical. 


FIG. 6.—Optimal Configurations Problem 


for Cases IIA and IIB, observed that adding configuration variables 
produces reduction the optimum weight about 38%. Case IIC, where 
Euler buckling constraints are included, more compact optimal configuration 
obtained. interesting note that the final designs for Cases IIB and 
IIC would statically determinate the minimum size members were deleted 
from the truss. 


Configuration optimization problems have been studied varying sizing and 
configuration design variables simultaneously the design space. primal-dual 
algorithm called the multiplier method has been successfully applied class 
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system level structural optimization problems for the first time. order 
cope with the high nonlinearity the response quantities, second-order Taylor 
series approximations were used along each selected search direction during 
the unconstrained minimizations. This paper presents small sample the 
more comprehensive body computational experience reported Ref. Results 
reported herein and Ref. indicate that configuration optimization problems: 
(1) The feasible region not necessarily simply connected; (2) the optimal 
solution quite flat with respect changes the configuration variables; 
(3) statically unstable configurations are embedded the design space; and 
(4) the optimal solution for combined configuration-sizing problems usually 
involves large number critical constraints and the number critical constraints 
and the number binding constraints usually far exceed the number critical 
constraints the corresponding pure sizing solution. 
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The following symbols are used this paper: 


cross-sectional area ith member; 
augmented Lagrangian function; 
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response factor; 

specified maximum response factor; 

Young’s modulus ith member; 

general objective function; 

member linking set; 

linking set for cross-sectional areas; 

general constraint function; 

element buckling coefficient; 

member length ith member; 

total number general constraints; 

total number constrained displacement degree freedoms; 

total number loading conditions; 

total number members; 

total number independent nodal coordinates; 

total number independent cross-sectional areas; 

linking coefficient; 

ith component system displacement vector due kth 

load condition; 

upper limit displacement; 

lower limit displacement; 

nodal coordinate vector for jth element; 

dependent nodal coordinate; 

independent nodal coordinate; 

upper limit y,; 

lower limit y,; 

vector design variables multiplier method; 

step size; 

independent reciprocal cross-sectional area; 

upper limit 

lower limit 

incremental factor; 

element temperature change; 

element thermal expansion coefficient; 

Lagrange multiplier; 

material weight density for member 

lower limit 

combined lower limit 

upper limit ono, 

Euler bucking stress; 

stress ith member due kth loading condition; and 
penalty term augmented Lagrangian function. 


Superscripts 


base point unidimensional search. 
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ANALYSIS RELIABILITY FOR MASONRY STRUCTURES 
Bruce Ellingwood,’ ASCE 


Design criteria the United States for engineered masonry construction employ 
linear analysis and working stress design principles (3,29). Strength design and 
the use loading criteria based probabilistic limit states design principles 
are relatively new concepts the masonry area. However, the trend clearly 
this direction European countries (6,21,22) where activities harmonize 
design criteria for different construction materials have been underway for some 
time. Because the advantages that limit states design affords, similar efforts 
are also underway the United States (10,14). 

Implementation these concepts requires assessment statistical data 
masonry strength and the establishment target measures reliability 
for design. This paper summarizes available strength data and illustrates, through 
reliability calculations, how masonry compares with other engineered construction 
materials. Areas where additional data would desirable are also identified. 


Most the data presented are for nonreinforced masonry load bearing walls 
compression and bending, prevalent design condition which appears 
reasonable establish connection reliability-based design (33,34). 


Current Practice Brick Masonry 


Current design practice for masonry structures empirical large extent. 
the current standard for engineered brick masonry (3), allowable vertical 
loads nonreinforced walls are computed from 


which e/t 1/3, where virtual eccentricity, M/P; thickness 
wall; eccentricity coefficient; slenderness coefficient; gross 
cross-sectional area; and compressive strength from prism brick tests. 
The slenderness for walls limited h/t 10(3 e,/e,), which 
height wall and e,, smaller and larger eccentricities lateral supports. 


Struct. Engr., Center for Building Tech., United States Dept. Commerce, 
National Bureau Standards, Washington, D.C. 20234. 

Note.—Discussion open until October 1981. extend the closing date one month, 
written request must filed with the Manager Technical and Professional Publications, 
ASCE. Manuscript was submitted for review for possible publication February 28, 
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American Society Civil Engineers, Vol. 107, No. May, 1981. ISSN 
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When e/t 1/3, the maximum tensile stress based the assumption linear 
stress distribution may not exceed psi (0.25 for Type Type 
mortar and the inspected work the wall must designed reinforced. 
Requirements for nonreinforced brick masonry columns are very much the same; 
the allowable compressive axial stress rather than (Eq. 
and the slenderness limited h/t 5(4 


Current Practice For Concrete Masonry 


Nonreinforced concrete masonry walls subject eccentric load are propor- 
tioned that (29) 


which f,, computed axial and flexural compressive stresses according 
linear stress distribution theory; allowable flexural compressive 
term slenderness factor and serves much the same purpose Eq. 
Slenderness h/t limited less. The maximum virtual eccentricity 
nonreinforced eccentrically loaded walls limited 1/3 the thickness 
solid unit walls and the value that produces tension hollow unit walls 
(Ref. 29, 17). The requirements for columns are similar; the allowable axial 


Data Anatysis: 


Masonry data falls into essentially three categories: (1) Unit (brick concrete 
block) and mortar strength; (2) masonry prism (small assemblages masonry) 
strength; and (3) structural element strength. Strength properties the consti- 
tuents are not directly helpful determining means and variabilities used 
reliability based design because the composite nature masonry. Although 
unit strength and full-size element strength are correlated, e.g., Ref. 28, the 
strength structural elements substantially higher than would predicted 
the basis the strength the mortar (15). Data prisms are somewhat 
more helpful. However, full-size structural elements usually behave more 
uniformly than prisms and wallettes (17) and are less affected small variations 
workmanship and materials. Unfortunately, there are little large masonry 
element data available which more than five replicates were tested. One 
must cautious about pooling these data because differences materials, 
specimen configuration and test conditions. 

The test data presented the following are referred vertical load carrying 
capacity stress P/A. Data story height walls appear the 
most useful for reliability studies because many times difficult relate 
prism strength full-size wall strength (11). 

Test Data Brick Masonry Walls and Columns Compression and Bending.— 
Much the test data prisms and walls generated during continuous testing 
program the Structural Clay Products Institute (now the Brick Institute 
America) are summarized Chapter Ref. 26. These tests were conducted 
under carefully controlled laboratory conditions. 


MASONRY STRUCTURES 
TABLE 1.—Test Data 


Ref- 
erence 
number 


(1) 


Description wall 


(2) 


h/t 20.5; e,/t 1/3; e,/e, 
h/t 23; e,/t e,/e, 

h/t 23; e,/t 1/6; e,/e, 
h/t e,/t 1/6; e,/e, 

h/t =7; e,/t 1/3; e,/e, 

h/t 22; e,/t 1/6; e,/e, 

h/t 10; fully fixed 

h/t 21; fully fixed 

h/t 26; fully fixed 

h/t 20, e/t 1/6 

ft-4 in. brick: Pure compression 

ft-4 in. brick: Pure compression 
ft-4 in. brick: Pure compression 

ft-4 in. brick: Pure compression 
in. in. in.: Fixed ends 

Story height, pure compression 

9-in. story height, axial load 

story height, axial load, Type 
1/2-in. story height, axial load, Type 
story height, e/t 1/8, Type 
story height, e/t 1/8, Type 
Story height, axial load 


Brick Masonry Walls Flexure 


Single wythe, mortar, inspected 
Multi wythe, inspected 

Multi wythe, uninspected 
Single wythe, inspected 


in. unreinforced, story height 
6-in. reinforced, story height 
6-in. unreinforced, h/t 
8-in. hollow block 
8-in. solid block 
4-in. block-block cavity 
8-in. hollow block 
8-in. hollow block 
200 hollow block, story height 
100 solid block, story height 
100 hollow block, story height 
All data: f,, assumed 3,000 psi 


according Ref. 29. 
Note: in. 25.4 mm; 0.3048 and psi 6.9 kPa. 


wn 


NN 


w 


Sample 
(3) (4) (5) 
(a) Brick Masonry Walls Compression Plus Bending 
4.94 0.073 
6.93 0.10 
6.96 0.12 
6.21 0.10 
5.87 0.14 
6.92 0.15 
4.60 0.11 
6.27 0.10 
6.02 0.16 
0.13 
5.78 
7.54 
8.00 
6.58 
7.40 
6.23 0.17 
6.58 0.19 
0.18 
4.24 0.19 
3.64 0.20 
0.18 
6.25 0.25 
3.89 0.26 
(c) Concrete Masonry Walls Compression Plus Bending 
0.17 
0.13 
0.10 
4.50° 
3.85° 
4.81° 
0.15 
0.20 
0.15 
0.17 
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Correlations pier and prism compressive strength compressive strengths 
bricks (Figs. Ref. 26) indicate that for typical bricks with unit 
strength 12,000 psi (83 the mean prism strength ranges from 
2,200 psi-5,700 psi (15.2 and the coefficient variation 
(c.o.v.) V,, ranges from 0.11-0.20, with average about 0.14 (26). The 
standard deviation prism strength appears virtually independent brick 
strength, averaging about 580 psi The mean and initial 
tangent modulus elasticity for brickwork appear about and 0.12, 
respectively (11). 

These trends have been verified the course other testing programs 
the United States and other countries The similarities 
these data suggest that the United States data strength masonry can 
augmented with test data obtained abroad. 

Chapter Ref. summarizes the results numerous test programs 


Data from Ref. 

5.19) 
5.22) 


h/t 


FIG. Brick Masonry Walls Compression Plus Bending 


determine strength single wythe walls compression plus bending. Some 
additional data are provided Ref. 25. Test variables included wall slenderness, 
eccentricity load, and end restraint. All specimens were built with Type 
mortar and inspected workmanship. Bricks had compressive strengths which 
ranged from 10,000 psi-13,500 psi (60 Some the test 
data where there were sufficient replicates obtain meaningful statistical 
estimates are summarized Table terms the ratio mean load 
capacity the nominal capacity specified Ref. Since stresses 
and were both obtained dividing load nominal area, f/f, 
some instances, was necessary group test data together because 
the small number replicates, e.g., for the classification h/t Table 
the actual h/t was between 21.9 and 24.1, but the variability attributable 
this grouping was assumed inconsequential. 

attempt obtain larger data sample, was plotted function 
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h/t for e,/t 1/6, and 1/3, shown Figs. and Regression 
analysis these data revealed that depends slenderness and eccentricity. 
The brick masonry standard appears more conservative for slender walls, 
and becomes less conservative the load eccentricity increases. The scatter 
the data appears nearly constant with respect h/t. Parameter e,/e, was 
not included factor the regression; examination the data revealed 
significant dependence e,/e,. Moreover, e,/e, not well controlled 
the field, due the randomness applied loads, and result may contribute 
the variability strength situ. all cases, the standard errors were 
quite close: 753 psi, 730 psi, and 656 psi (5.2 5.0 and 4.5 
respectively, for 1/6, and 1/3. The implied coefficients 
variation story height wall strength (h/t 12) are 0.14, 0.12, and 0.12, 
respectively. These are very close the values reported Table for 
samples smaller size but which the walls were (nearly) replicates. 


Data from Ref. 
5.18) 
5.19) 


h/t 


FIG. 2.—Nonreinforced Brick Masonry Walls Compression Plus Bending 
1/6) 


Sets data Table taken from Ref. which h/t 10, were 
analyzed using maximum probability plot correlation technique determine 
suitable probability distributions for load carrying capacity. Probability plots 
f/f,, and revealed that the lognormal and Weibull distribution each 
were best, i.e., the probability plot correlation coefficient was highest, three 
cases and the normal distribution was best one case. However, the Weibull 
distribution was also worst four the seven cases. Accordingly, the probability 
distribution for brick masonry wall strength compression and bending may 
assumed tentatively have lognormal distribution. should noted 
that the samples are relatively small, however, and additional test data replicate 
walls would desirable define the probability distributions. 

Masonry research conducted the National Bureau Standards (NBS) over 
the past decade another source data strength masonry prisms and 
walls. one program (32), number walls (2.4 height were 


762 MAY 1981 ST5 


tested various combinations compression and flexure. Some walls were 
constructed with nominal 4-in. brick while others were combination brick 
and concrete block. All walls were nonreinforced and were constructed using 
techniques representative good workmanship. Only the cases pure bending 
and pure compression were replicates tested. Walls were pinned the top 
and partially restrained the bottom. Under combined loading conditions with 
low vertical compressive loads, failure occurred the tensile face the wall 
cracking along horizontal joint. very high vertical loads, failure occurred 
suddenly crushing. Some the wall test data are presented Table 
second NBS program (12), brick walls in. in. in. (102 
813 2,438 mm) nominal dimensions were tested various load 
eccentricities, including zero eccentricity, and bending only. Specimens were 
tested with both pinned and flat end conditions but, unfortunately, all the 
pinned ended walls exceeded the slenderness limitations Ref. Some 
the test data are presented Table 


Data from Ref. 


FIG. Brick Masonry Walls Compression Plus Bending 
1/3) 


Numerous large masonry walls have been tested research programs 
the United Kingdom. These data should also indicative the behavior 
masonry walls the United States. one program (28), number story 
height walls with lengths ft-6 (1.2 m-1.8 and thicknesses in.-9 
in. (102 mm-229 mm), were loaded pure compression. Types and mortar 
were used with bricks whose compressive strength was somewhat less than 
typical United States construction. regression analysis ultimate stress 
the wall upon unit strength was performed for solid and cored brick walls, 
shown Fig. Since one acceptable way determining from the 
unit strength (3), the results should comparable Figs. 1-3. The standard 
error regression was 268 psi (1.9 the implied coefficient variation 
ultimate strength wall using 6,000 psi units 0.15. According Ref. 
the allowable stress such walls using Type mortar and inspected 
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workmanship (Table 1(b), Ref. 3), including slenderness effects, would 250 
psi (1.7 thus, 7.34. 

second program (1), series story height brick panels were loaded 
pure compression and eccentrically order correlate their strength 
that in. (229 mm) brickwork cube proposed measure site quality 
control. Specimens were fabricated using both 4-1/2 in. and in. thick (114 
and 229 mm) brick and Type and mortars. The eccentrically loaded 
specimens had e/t 1/8. Estimates variability wall strength obtained 
from regression analyses wall strength brick cube strength are given 
Table 

third program (8), walls 100 in. (2,540 mm) height in. (914 
mm) length and 4.5 in. (114 mm) thick were tested (h/t 22). The results 
regression wall strength upon brick strength are presented Table 
Data which the virtual eccentricity was less than 1/17 were lumped 
with pure axial data. The tests were carried out specially designed frame 


Units with less than 25% voids 


a 9” 

Solid units (Ref. 28) 
41/2 

a 9” 


WALL STRENGTH (psi) 


2000 4000 6000 8000 
BRICK STRENGTH (psi) 


10000 12000 


FIG. 4.—Story Height Brick Masonry Walls Tested United Kingdom 


which wall panels were loaded between sections reinforced concrete slab 
give realistic end conditions, and stability problems were observed. The 
implied 8.17, where evaluated according requirements Ref. 


Other scattered sources data the behavior masonry walls tend 
confirm the results presented Table 1(a) (15). Macchi’s (23) review safety 
factors implied various brick masonry design criteria Europe included 
histogram 151 tests piers and walls the United Kingdom which 
Included this, however, are the effects the multitude slenderness 
ratios and eccentricities which were not factored out, this estimate serves 
upper bound variability. 

Less data exist for masonry columns compression than for walls. Some 
data concentrically loaded reinforced brick masonry columns from Ref. 
shown Fig. All columns were about 12.5 in. (318 and varied 
height. According recent Monte Carlo study reinforced concrete 
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columns (9), variability strength independent reinforcement ratio when 
0.01. was assumed that slenderness could neglected. For those five 
brick columns where 0.0067, 5.04 and 0.19. For the remaining 
columns which 0.01, P/P, 4.24 and 0.11. These variabilities 
are very similar those for reinforced concrete (9). Additional data the 
strength brickwork piers provided Brettle (2) whose study strength 
followed American Concrete Institute (ACI) (5) ultimate strength principles quite 
closely. From tests eccentrically loaded masonry piers, 0.96 (in 
which derived from ultimate strength principles); and 0.11. Finally, 
Johnson and Matthys (22) found that averaged 0.14 for concentrically loaded 
columns with slenderness h/t 10; the same slenderness, 0.15 when 
e/t 1/6 and 0.16 when e/t 1/3. While these are based small 
samples, they tend confirm the values variability reported other studies 
for walls noted herein. 


Reinforced brick masonry columns 
Ref. 26, Table 5.28 


h/t 

=.02 


FIG. 5.—Reinforced Brick Masonry Columns 


Test Data Brick Masonry Walls Flexure and Shear.—The strength 
prisms and walls loaded flexure depends, part, the tensile bond 
the brickwork. Compared compressive strength, the modulus rupture (MOR) 
brick prisms and walls generally exhibits considerably higher variability and 
depends whether loading occurs parallel perpendicular the bed joints. 
Samples five small wallettes (18) showed average c.o.v. MOR 
0.24 for specimens fabricated using Type mortar and 0.20 for Type mortar 
bending parallel the joints; for bending perpendicular the joints, these 
numbers become 0.44 and 0.32, respectively. Coefficients variation for lateral 
resistance the order 0.20 have been suggested for walls relying primarily 
this tensile bond (18). Regression analyses wall flexural strength prism 
strength the data provided Ref. showed that 0.26 single wythe 
masonry walls in. in. (1,219 2,286 mm) size, while 
0.35 in. (610 mm) square wallettes. Flexural tests walls spanning 
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2.4 hollow clay tile walls and prisms flexure (22) showed average 
0.18 MOR perpendicular the bed joint; for prisms, 0.23. 
Data walls flexure are summarized Table 

Variation strength shear and diagonal tension depends, part, the 
joint properties and, with flexure, quite large. The c.o.v. shear test 
data frequently exceeds 0.20 (21). Samples five small square brick wallettes 
(16 in. and in.) loaded diagonally showed that the 0.09 
0.19 under controlled laboratory conditions (12). Other diagonal tension tests 
(26) small in. (381 wallettes suggest variability shear strength 
approximately 24%. Finally, Ref. presents test data fifteen 
(1.2 walls tested diagonal tension. regression analysis the ultimate 
shear stress prism strength resulted 0.24 and 4.38 for walls 
which 4,000 psi (27.6 

Concrete Masonry Compression and with brick masonry, data 
concrete masonry available terms unit, prism, and structural element 
strength, the latter which particular interest. 

Tests prisms, wallettes, and other small specimens, although not 
satisfactory large walls, provide some indication variability strength. 
Prisms fabricated from 6-in. and 8-in. (152 and 203 mm) concrete blocks 
were tested pure compression part masonry research program 
NBS (31). The prisms were two and three units high. For the 6-in. block prism, 
0.11 and for 8-in. block prisms, V,, 0.16 based samples each. 
The variabilities are about the same for concrete cylinder tests. The load- 
deformation relationships were almost linear. Tests 6-in. (152-mm) hollow 
concrete block prisms compression and flexure (12) resulted 
0.04 0.30 compression plus bending (five prisms each) and 0.27 
flexure (10 prisms). The mean and c.o.v. tangent modulus elasticity 
appear about and 0.15 (11). 

Tests 6-in. (152-mm) reinforced and 8-in. (203 mm) nonreinforced hollow 
core concrete masonry walls varying heights (10 3.05 m-6.1 
and load eccentricities were conducted NBS (31) which the walls were 
restrained the bottom and free rotate the top. The walls were built, 
cured, and tested the laboratory and are representative excellent workman- 
ship. Although the walls were tested different ages, all data have been lumped; 
noted earlier, the wall strength not solely dependent the mortar strength. 
Some the test data are summarized Table Interestingly, slenderness 
effects were not apparent for the 8-in. (203 mm) nonreinforced walls which 
e/t and the data for different wall heights have been lumped, accordingly. 
Failures occurred splitting crushing near the top the wall, both. 
the eccentricity load increased, considerable deflection the walls was 
observed prior failure and failures occurred crushing distance 
approx 1/4 the height from the top. Although the sample sizes are limited, 
the variability capacity does not appear dependent either 
h/t these tests. The allowable load P,, decreases h/t increases (29); the 

was found that the wall strength and prism strength pure compression 
agree closely. This was also found subsequent testing programs (12,32) and 
seems characteristic both brick and concrete masonry construction. 
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Further information the relative conservatism concrete masonry design 
may found the literature review Ref. 11. Table 3.1 that reference 
concrete masonry walls compression. Table shows the ratio 
where computed according Ref. 29. There was insufficient replication 
estimate the variability from these data. Additional concrete masonry walls 
which measured in. in. (813 2,438 mm) and were fabricated 
from 6-in. (152 mm) hollow concrete block 17) and were tested replicates 
two under various vertical load eccentricities and transverse loads (12). Ten 
the specimens tested vertical compression satisfied current design require- 
ments (29) which limit the virtual eccentricity unreinforced hollow unit walls 
that which causes tension the cross section. Table gives P/P, and 

The conservatism the allowable vertical load for nonreinforced concrete 
masonry tends increase h/t increases, can seen Fig. where 
the results several test programs are summarized. Regression analysis 


=- 


Refill Oe/t=0 


ac/t= 16 
0275 


compression plus bending 


FIG. 6.—Nonreinforced Concrete Masonry Walls Compression Plus Bending 


P/P, yields 4.9 with standard error 0.96 for story height 
wall; the c.o.v. capacity would 0.20. These data correspond number 
different eccentricities and end restraint conditions; however, some these 
factors are uncontrollable situ and would contribute the overall variability 
strength. Note that portion these data exceed the maximum allowable 
h/t (29). 

Additional test data generated the United Kingdom are presented because 
they provide indication typical variability strength. one program 
(27), 38-story height panels 2.6 high and 1.8 wide were tested under eccentric 
vertical load. The walls were fabricated using both cellular and solid biocks 
along with Type mortar. Slenderness was not considered factor 
the tests. Data for replicate wall tests within the test series are presented 
Table regression analysis wall strength companion masonry 
couplet strength for the tests showed that and 
0.17. The magnitude the variability very similar that for lightly reinforced 
concrete columns pure compression (9). 
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Additional tests were performed nonreinforced concrete masonry story 
height walls approximately in. 103 in. 5-1/2 in. (1,803 2,616 
140 mm) (7). These were constructed using 27.5 (3,990 psi) 
units and Type mortar. For walls which the eccentricity was such that 
the section remained uncracked, averaged 3.33 and 4.62 for pinned and 
rotationally fixed end conditions, respectively, where was determined 
Ref. 29. was also found that the ACI (5) ultimate strength equations are 
good predictors for the actual moment capacity reinforced concrete masonry 
beams. Based tests, the mean was 1.14 and V,, 0.16. 

Very little data strength concrete masonry walls flexure are available 
(11). examples what might expected, two hollow block walls tested 
flexure (12) developed flexural tensile strengths psi and psi (0.12 


and 0.28 the allowable stress for Type mortar was 
psi (0.16 (29). 


Anatysis Masonry Structure 


The laboratory test data full size structural members insufficient, 
itself for calculating the reliability masonry structural elements service. 


TABLE 2.—Statistics Resistance Masonry Walls Compression and Bending 


Brick Masonry 


Concrete masonry 


Compression plus 


Bending (inspected) 0.19 
Compression plus 0.6 Inspected value 0.6 Inspected value 
Bending (uninspected) 0.21 0.21 
Pure flexure 3.90 


Inspected 0.24 


computed according Refs. and 29. 


While the data presented the previous sections incorporates variabilities 
from many the same sources that cause strength variability service, 
laboratory tests, with their carefully controlled workmanship, curing conditions, 
etc., tend exhibit less variability performance. Alignment walls, thick- 
nesses mortar joints and completeness joints, particularly hollow core 
units, are more difficult control the field (7,19). 

Accordingly, the basic resistance variable used the reliability analysis 


for walls with low vertical load eccentricities (e/t 1/6) and for flexure 
defined 


Pret 


lab 


which the capacity measured the laboratory; and random 
variable account for differences fabrication and curing between the laboratory 
and field. The mean and are 


Type 
(4) 
Fig. 
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Parameters and have been presented Table and Figs. 1-6. 
walls loaded compression and bending, typically about 0.14 for brick 
masonry and 0.15 for concrete masonry. pure flexure, 0.21. Parameters 
and are estimated follows. Because the masonry units come from the 
same source, the effect masonry unit strength wall strength the same 
the field the laboratory. The strength masonry walls compression 
not strongly affected the quality the mortar (19). However, clear 
that and depend whether not the workmanship inspected. 
engineered masonry structures which quality control procedures set forth 
the standards (3,29) are followed, the element performance may approach 
that observed laboratory tests. However, when the work uninspected, 
the ultimate strength walls tends the order 2/3 the strength 


1/6 
Pure bending inspected 
6 Pure bending - uninspected 


FIG. 7.—Reliability Index for Nonreinforced Brick Masonry Walls 


inspected walls (19,30). For example, data Table 1(b) indicate that 
0.68 for multiwythe walls flexure; however, the uninspected workmanship 
was simulated the laboratory. Other wall tests show ranges 0.63-0.78 
(26) and 0.55-0.62 (19). The effect inspection more important large 
eccentricities which the mortar joints are subjected tension. Since masonry 
walls are loaded failure slowly the laboratory, strain rate effects are not 
significant. 

Accordingly, assumed that inspected workmanship and (perhaps 
slightly conservatively) 0.6 when workmanship uninspected. The uncer- 
tainty associated with fabrication and curing conditions the field would 
depend alignment, thickness joints, the effect partial joints, and other 
factors. Unfortunately, there are little data with which estimate related 
study comparing strength concrete situ standard cylinder strength indicated 
that 0.11 for average cure and 0.15 for poor cure (10). These 
reflect the difference between field and lab placement and are assumed apply 
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masonry well, pending the acquisition additional data masonry wall 
strength situ. 

When the eccentricity ratio e/t less than /6, the limit state may assumed 
linear the resistance and load variables. Table summarizes the statistics 
used the analyses the reliability unreinforced masonry walls compression 
and bending this case. The probability distribution resistance assumed 
lognormal. 

Consideration the thrust-moment interaction diagram describing masonry 
wall strength shows that reasonable loading paths that could lead failure 
eccentricities excess e/t 1/6 probably would involve large increase 
moment comparison with the increase axial load. The reliability 
compression plus bending actually depends the orientation the (P,M) 
load vector with respect the interaction diagram which describes strength. 
For eccentricity ratios excess 1/6, the reliability analysis may formulated 


Inspected workmanship 


Curve h/t 
1 | 10 
2 15 


400 ft? 


FIG. 8.—Reliability Index for Concrete Masonry Walls 


terms limit state equation which describes the (P, interaction relationship 
rather than the linear form. 

The capacity short masonry walls compression and bending can 
predicted accurately using strength analysis based linear distribution 
stresses failure (16,31,32,33) provided that the compressive strength 
taken af,,, the factor being the ratio the compressive strength when 
there strain gradient the compressive strength under uniform compression. 
considered Refs. 12, 31, and 33, the factor the load eccentricity, 
increasing from unity e/t about 1.4 e/t 1/3. The tensile strength 
the masonry wall may ignored; this has negligible effect except when 
the stress state the wall approaches pure flexure. The limit state equations 
for wall column built with solid units are (31) 


(Pt 6M) 
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Consistent with current provisions (3,29), the analysis will focus situations 
which e/t 1/3 nonreinforced eccentrically loaded walls. 

Slenderness effects may accounted for amplifying the moment 
suggested for reinforced concrete design (5). However, numerous references 
(16,26,28,32) indicate that the slenderness effect (and moment amplification) 
can neglected masonry walls story height less (h/t less than about 
14). The extension these equations encompass hollow core units relatively 
straightforward (32). 

The method used for the reliability analysis described Ref. 13. 
summarize, function g(X,, ..., load and resistance variables based 


Lo /Dy = 0.5 
h/t = 12.5 
600 ft? 


0.10 0.20 
e/t 


FIG. 9.—Effect Load Eccentricity Reliability 


principles mechanics test data, both, specified such that failure 
linear approximation The linearizing point selected that point 
the surface for which minimum, and must obtained iteratively 
(13). Procedures for calculating and for including information probability 
distributions the variables are explained Refs. and 13. 

Reliability indices for brick and concrete masonry walls various combina- 
tions compression and bending have been calculated for dead and live loads. 
Load statistics have been evaluated previously (10). The probability distribution 
for dead load Normal with 1.05 and 0.10, while the probability 
distribution for live load Extreme Value Type depends tributary 
area (4,10) and 0.25. Load defined Ref. the results shown 
Figs. and the resistance and loads are assumed linearly related. 
The larger variability and reduced mean associated with uninspected workmanship 
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have pronounced effect Reliabilities brick and concrete masonry 
walls compression which the eccentricity vertical load small are 
similar. Reliabilities pure bending are considerably less than compression. 

Figure shows function load eccentricity, computed according 
Eq. rather than the linear formulation used the previous paragraph. 
Note that when e/t 1/6 this analysis leads similar result the linear 
formulation. the eccentricity increases past the point where tensile stresses 
are first induced the section, drops sharply, the point where e/t 
1/3 itis actually somewhat lower than for the pure bending case. The decrease 
safety margin with increasing eccentricity has been remarked upon previous 
studies (31). reliability terms, occurs because longer measured 
radially from the design point e/t increases beyond about 1/6. Specification 
writers should consider whether such decrease desirable unreinforced 
masonry wall design. 

terms safety checks structural members, typical reliability indices 
observed for common steel and reinforced concrete beams and columns (10,14) 
fall the range 2.5-3.5. Thus, criteria for the design unreinforced 
masonry walls are much more conservative when the vertical load eccentricity 
small. However, the reliabilities appear comparable situations where 


there substantial moment applied the wall either result eccentric 
axial load lateral forces. 


There appears data the strength and behavior 
masonry walls that masonry specification writing groups can begin thinking 
seriously about probabilistic limit states design basis for their standards. 
This would encourage similar philosophy toward design for masonry, 
steel, and reinforced concrete structures. When coupled with common set 
load factors for different construction materials and technologies, significant 
simplifications practical structural design would result. However, additional 
data appears desirable certain areas. noted earlier, there are few data 
sources which there are sufficient test replicates establish confidently 
the probability distribution strength. addition, there are limited data with 
which establish the effect workmanship differences between laboratory 
and situ walls statistical sense. Testing programs establish these 
parameters would desirable. Furthermore, Refs. and provide margins 
safety scaling the ultimate strength interaction curve radially along lines 
constant eccentricity ratio. The philosophy behind this scaling should 
reexamined view the sharp decrease reliability large load eccentricities. 
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The following symbols are used this paper: 


coefficient variation, standard deviation divided mean; 


virtual eccentricity, M/P; 
stress normalized nominal allowable design stress; 
strength, nominal compressive strength, respec- 
tively; 
h,t height, thickness masonry wall; 
P,M vertical load, moment, respectively; 
compressive, flexural, and shear strengths, respec- 
tively; 
value variable specified either the appropriate 
standard working drawings; 


x 
reliability index; and 
reinforcement ratio. 
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STRENGTH AND DEFORMATION PRETENSIONED 
Box GIRDERS 


INTRODUCTION 


Primarily due its structural efficiency, esthetic appearance, and the ease 
cast-in-situ and precast concrete techniques, concrete box girder construction 
widely employed many areas structural design, especially common 
category application being medium-span highway bridges. Current theory 
cannot adequately predict the stresses and elastic and inelastic deformations 
concrete box girders subjected the loading torsion, bending, and shear. 
This paper describes the development computer program that models the 
behavior concrete boxes enabling stresses and deformations determined. 
This analytical model alternative expensive and time-consuming experi- 
mental models and testing. 

Since box girder geometry and load response are complex nature, appropriate 
elastic methods analysis have evolved high level sophistication, but 
the trend toward limit state design has necessitated the need predict behavior 
beyond the uncracked condition. the many analytical methods that are 
frequently used the analysis concrete box girders, only the finite element 
method capable simulating the nonlinear behavior concrete its uncracked 
and cracked states and the complex redistribution stresses beyond cracking. 

This finite element model has been developed analyze prestressed concrete 
box girders arbitrary cross section subjected any loading combination 
bending moment, torque, and shear. From the onset loading through 
failure, comprehensive stress-strain record produced for all material compo- 
nents addition complete evaluation member deformations. 


Model Capabilities.—In the development the model, the following capabilities 
have been incorporated: 
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Representation any general, thin-walled closed cross section comprised 
linear segments. 

Accommodation any in-plane loading system, including presence 
prestressing. 

Incorporation nonlinear material behavior and the phenomena bond 
slip, aggregate interlock, and dowel action. 

Ability model both diaphragm action and the cross-sectional rigidity 
box girders without diaphragms. 

Complete description beam behavior the elastic and inelastic regions 
failure. 


Finite Elements Employed.—For the sake economy and efficiency, plane 
stress finite elements are used model the concrete box girder walls, the 
element employed being the McCleod (4) rectangular finite element; higher 
order element has two translational and one rotational degree freedom 
each node. The three distinct types reinforcement represented the computer 
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FIG. 1.—Diaphragm Warping Restraint Curves 


model, i.e., prestressing strand, conventional reinforcement bars, and bond-spring 
linkages, are simulated analytically one-dimensional constant strain finite 
elements. Since the principal function diaphragms provide cross-sectional 
shear rigidity, lower-order finite element (namely bilinear isoparametric 
serendipity element that can accommodate changes cross-sectional shape) 
has been chosen represent diaphragm action. 

reduce computational effort, the behavior each rectangular concrete 
finite element characterized the stress-strain condition the centroid 
the element. 


Concrete.—Derivation the uncracked concrete constitutive matrix under 


biaxial stress conditions closely follows the postulates Liu, Nilson, and Slate, 
(3) who presented equations for biaxial compression only. The form the 
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stress-strain equations for concrete under uniaxial biaxial stresses and the 
resulting constitutive matrices proposed the above authors are readily 
incorporated the incremental iterative finite element approach adopted 
this computer model. 

the analytical model, the two distinct load conditions encountered are the 
incremental and total load cases. When the concrete constitutive matrix 
formulated, the stiffness the two orthogonal principal directions are derived 
tangent moduli basis for incremental loading, and secant moduli approach 
derived when total load conditions prevail. Thus, the concrete constitutive 
matrix expressed the form 


, 


which and principal stress and corresponding strain direction 
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FIG. 2.—Simplified Analytical Model Biaxial Stress Envelope 


being considered; and orthogonal principal stress and corresponding 
strain; and 


where, under total load conditions, 
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for biaxial compression and compression tension stress conditions. the above 
equation, initial concrete modulus; Poisson’s ratio; ratio 
concrete compressive strength; and corresponding ultimate concrete com- 
pressive strain. (All symbols are defined Appendix II.—Notation.) 

However, for biaxial tension and tension compression, 


for biaxial compression and compression tension, while for biaxial tension and 
tension compression 


Offset central support bar 
alternates position ‘n successive 


FIG. Beam Cross Section 


Upon cracking, the concrete constitutive matrix assumes the form 


which the principal tensile stress the direction normal the crack. 
Beyond cracking, the concrete element loses all stiffness the direction 
perpendicular the crack. The uniaxial compressive stiffness parallel 


During the application load increments, 
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the crack direction derived from Eq. Eq. le, recognizing that 

major significance the determination post-cracking member stiffness, 
the cracked concrete shear modulus comprised contributions from 
two sources: aggregate interlock and dowel action. Quantitative evaluation 
the two phenomena based the research conducted Houde and Mirza 
(1). For crack widths small in., experimental investigations 
lead the development the relationship 


which the concrete shear rigidity; crack width; and concrete 
compressive strength. bridging across concrete crack, the shear resistance 
developed reinforcement normal its axis determined from the relationship 


which dowel force; the shear displacement across the crack; 
and the dowel failure force: 


D, 40 b,(f.)'” 


where net beam width. All units the above three equations are 
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FIG. 4.—Trapezoidal Beam Cross Section 


inches and pounds. the calculation the cracked concrete shear modulus 
the dowel restraint force transformed into equivalent dowel shear 
modulus before its addition the aggregate interlock rigidity modulus Both 
the aggregate interlock and dowel contributions are evaluated the centroid 
the concrete element. 

Diaphragm Action.—The out-of-plane warping resistance the corners 
thin square concrete plate readily derived using classical plate theory (8). 
However, since the classical plate formulation valid only for and 
square plates, auxiliary finite element model was developed that permitted 
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generality diaphragm shape and thickness. For double-celled box beam 
specified dimensions, the longitudinal warping restraint end diaphragms 
varying thickness was determined using the finite element model, and compared 
with classical plate theory predictions shown Fig. The striking discrepancy 
illustrates the limited range application the classical theoretical approach. 

account for the intrinsic cross-section distortional rigidity the concrete 
box girder without diaphragms, the approach advocated Sawko and Cope 
(6), involving equivalent diaphragm, was used. the formulation the 
element stiffness matrix the equivalent diaphragm, the only nonzero term 
the shear modulus. 

Reinforcement.—The analytical representation reinforcement bars has been 
simplified through the use bilinear stress-strain curves for both the conventional 
and the prestress reinforcement. Deteriorating concrete bond simulated 
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FIG. and Experimental Bending Moment-Deflection Plots 


the analytical model the presence bond spring linkages (1,5) that connect 
adjacent reinforcement and concrete element nodes. 


specifying the tensile and compressive strengths concrete under biaxial 
Stress conditions, the biaxial stress envelope Kupfer, Hilsdorf, and Riisch 
(2) has been simplified the form shown Fig. Beyond cracking, the 
shear rigidity across the concrete crack developed the aggregate interlock 
and dowel mechanisms. Dowel action and bond spring linkage failure criteria 
are stipulated Houde and Mirza (1). Failure total structural context 


defined having occurred the analytical model when one the following 
conditions arises: 
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concrete element crushes. 

The major prestress reinforcement element exceeds its ultimate tensile 
strength. 

The member becomes unstable its reserve strength cannot sustain 
the imposed load increment. 


Since detailed stress-deformation description desired throughout the load 
range, incremental loading sequence used the analytical model. Should 
deviation the nonlinear behavior material components from their prescribed 
stress-strain curves significant, equilibrium restored the structure 
employing the iterative modified Newton-Rapson method. When the iterative 
process invoked, the total load condition prevails. Minimization the frequency 
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FIG. and Experimental Torque—Differential Rotation Plots 


with which the computationally expensive iterative process initiated, achieved 
through application the Runge-Kutta method, whereby programming efficiency 
improved using the structural stiffness current load increment 
predict modified stiffness the following load increment. Should element cracking 
detected within load increment, the iterative process automatically engaged. 
block-by-block Gaussian elimination procedure employed the solution 
the large set equilibrium equations. 


assist the assessment the analytical model performance, experimental 
program was undertaken that featured the complex cross-sectional geometry 
concrete box girders and combined torsion, bending moment, and shear load 
patterns. 

the test program, seven double-celled precast prestressed concrete test 
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specimens were tested failure under various load combinations the above 
three load types. the five box beams rectangular cross section, three 
were subjected torque-bending moment only, and two were tested under 
complete load combinations torque, bending moment, and shear. The remaining 
two beams were trapezoidal cross section and were subjected different 
torque-bending moment ratios. Cross-sectional geometry for the rectangular and 
trapezoidal beam types shown Figs. and respectively. For the purposes 
identification, test specimens were categorized into two groups according 
their cross-sectional shape, the rectangular beams belonging the series 
and the two trapezoidal beams assigned the series. Development length 
for the strand was furnished extending the beam lengths past the end supports. 

The nature the test specimen supports and torsion loading arms was such 
that uniform St. Venant torque could developed along any segment 
the beam length. Bending moment and shear force were imposed through the 
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FIG. and Model Longitudinal Conventional Reinforcement Stresses 
for Beam 


application concentrated point loads passing through the beams’ center 
rotation, thus preserving the uniform St. Venant torque distribution. 

record complete description beam behavior the uncracked and 
cracked states, both stress and deformation data were monitored, translated, 
and stored disc automatically Nova 210E minicomputer following the 
application each load increment. For each test specimen, the relationships 
torque versus differential rotation, bending moment versus vertical deflection, 
and reinforcement stresses versus load the central cross section were plotted 
(7) for each beam yield comprehensive description beam response from 
onset loading failure. 


Important Modelling Considerations.—In assessing the analytical model perfor- 


mance, consideration must given the following important aspects that 
have strong influence model results. 


50 
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Since the stiffness contribution the reinforcement uncracked 
underreinforced concrete beam small compared that the concrete, 
inaccurate determination the initial concrete modulus will result corre- 
spondingly inaccurate prediction both uncracked and cracked beam deforma- 
tions. 

The maximum bending moment lever arm defined finite element 
mesh geometry the analytical model, and consequently can give rise 
significant modelling inaccuracy shallow, thick-flanged box beams. 

uncracked box girder walls, the surface torsional shear stress 
considerably larger than that the wall midthickness, and, plane stress 
concrete elements can only accommodate uniform shear flow, the analytical 
model overestimates the torsional cracking strength. 

characterizing the rectangular concrete finite element behavior the 
stress-strain condition its centroid, transverse reinforcement cannot effec- 
tively modelled bar elements connecting adjacent concrete nodes. ‘the 
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FIG. 8.—Experimental and Model Hoop Reinforcement Stresses for Beam 


concrete element aspect ratio exceeds unity, i.e., length exceeds height width, 
the sole crack passing through the element centroid will undoubtedly not engage 
the transverse steel bars located the element’s sides. prevent the resulting 
premature shear failure, all transverse steel modelled steel mesh distributed 
uniformly across the concrete finite element. 


Analytical Model and Experimental computer model results 
four double-celled prestressed concrete box beams tested the experimental 
program are shown Figs. and For each beams R2, R3, and 
the bending moment-deflection and torque-differential rotation relationships 
have been plotted. Beams and were subjected the lowest and highest 
ratios torque bending moment, respectively, beam illustrates the complete 
loading combination bending moment, torque, and shear, and trapezoidal 
beam behavior characterized beam that was subjected torque and 
bending moment only. the comparison stress data, the corresponding 
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TABLE 1.—Computer Model and Experimental Test Results for Seven Box Beams 


Note: experimental result; computer model result; all units are inches, kips, and 
kip-inches; | in. = 25.4 mm; | kip = 4.448 kN. 
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FIG. 9.—Torque-Bending Moment Interaction Diagram 


BENDING MOMENT TORQUE SHEAR 
Beams M/E M/E M/E M/E 
(1) (4) (7) (10) (13) 
1,307 0.96 470 0.88 
R4* 820 820 1.00 1,452 1,239 0.853 336 336 1.0 0.67 
1,312 0.90 0.72 
330 330 1.00 640 600 0.94 614 562 0.92 
620 0.97 583 0.95 
595 0.99 288 0.99 
300 420 1.40 801 742 0.93 196.5 168 0.85 
767 0.96 180 0.92 
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analytical and experimental reinforcement stresses for beam illustrated 
Figs. and are representative the trend results for the other six test 
specimens. The complete set computer model and experimental strength results 
for the seven box beams tested summarized Table 

Model Evaluation through Comparison with Experimentation.—The connota- 
tions the several strong influences model behavior stated the introduction 
this section can now reviewed. Since concrete cylinder tests often yield 
inconsistent estimates concrete modulus, the initial test beam deflections 
were used precisely calculating the respective initial moduli. Consequently, 
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FIG. 10.—Adjusted Torque-Bending Moment-Shear Interaction Diagram 


correspondence between model and experimental stiffness the elastic regions 
close. beams and the model results considerably overestimate 
the beam cracking load the level torque cracking was comparatively 
high. The variation the torsional shear stresses can readily calculated 
such that much more accurate estimate the model cracking load can 
achieved. the computer model behavior was adjusted reflect close corre- 
spondence cracking load predictions, the projected analytical model results 
are represented the computer model curve. Most importantly, 
the translation procedure does not entail precracking post-cracking stiffness 
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modification. Generally, the agreement between experimental and model post- 
cracking stiffnesses good. 

The last and most significant aspect model performance concerns the model’s 
consistent underestimation beam failure loads. all seven beams tested 
the experimental program, bending moment was dominant, and coupled with 
the shallow, thick-flange geometry illustrated Figs. and the comparatively 
shorter model bending moment lever arm failure, defined the midthickness- 
to-midthickness separation the top and bottom flanges, resulted premature 
yielding the tension reinforcement. For underreinforced box girders smaller 
wall thickness depth ratios, the discrepancy strength estimation reduced 
minimal level. 

Model Evaluation through Comparison with Current Theory.—In comparing 
model performance with current theory, the basis evaluation restricted 
strength characteristics. Ultimate bending moment correspondence has been 
discussed the preceding section. Considering pure torsion, model and theoretical 
ultimate capacity predictions agree closely, although the analytical value higher 
strain hardening and dowel action are taken into account. 
Comparison under pure shear conditions difficult analytical loading com- 
binations cannot isolate the critical cross section from concentrated load effects 
the presence large bending moments. the consideration interactive 
behavior, the theoretical torque-bending moment and torque-bending moment- 
shear interaction curves for the seven test beams, together with the respective 
experimental and analytical model results, are shown Figs. and 10, respec- 
tively. Through numerical evaluation the shear terms, the torque-bending 
moment-shear interaction diagram has been simplified adjusted two-dimen- 
sional torque-bending moment diagram. Agreement between model and theoretical 
results illustrated the latter two figures reasonably close, but should 
recognized that nondimensional presentation can disguise fundamental dif- 
ferences behavior. 


Results the assessment the computer model light experimentation 
and current theory reflect very favorably its performance. Being afflicted 
only one serious shortcoming which involves the variation magnitude 
the shear stress from the outside the inside edge and which not significant 
box girders common cross-sectional geometry, the computer model 
flexible, comprehensive mode analysis whose range application limited 
few constraints. the numerous material parameters that govern the model’s 
behavior, only the phenomenon dowel action ill-defined, certain aspects 
its contribution shear strength have not yet been investigated thoroughly. 

The value the computer model analytical tool illustrated the 
following model capabilities that are beyond the range theory application: 


Beams may contain any level reinforcement, the extent being 
overreinforced. 

Cross-sectional geometry may vary along the beam length. 

St. Venant torsion need not dominant. 
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Member deformations are described comprehensively all load levels from 
commencement loading failure. 


The stress levels all component materials are evaluated throughout the 
loading sequence. 


Indeterminate analysis under any load condition possible. 


ACKNOWLEDGMENTS 


Research this topic was undertaken Taylor’s PhD program conducted 
the University Alberta, Canada. Financial support was given the National 
Research Council Canada and the Province Alberta, whom the writers 
wish express sincere appreciation. 


Houde, J., and Mirza, S., Finite Element Analysis Shear Strength Reinforced 


Concrete Beams,’’ Symposium Shear Reinforced Concrete, ACI Special Publica- 
tions, SP-42, Detroit, 1974. 


Kupfer, H., Hilsdorf, H., and Riisch, H., Concrete Under Biaxial 
Proceedings, ACI, Vol. 66, Aug., 1969, pp. 656-666. 

Liu, Y., Nilson, H., and Slate, O., Stress-Strain Relationships 
for Journal Structural Division, ASCE, Vol. 98, No. STS, Proc. Paper 
8905, May, 1972, pp. 1025-1034. 

McCleod, A., Rectangular Finite Element for Shear Wall Journal 
Structural Division, ASCE, Vol. 95, No. ST3, Mar., 1969, pp. 399-409. 

Nilson, H., Analysis Reinforced Concrete the Finite Element 
Journal American Concrete Institute, Vol. 65, Sept., 1968, pp. 757-766. 

Sawko, F., and Cope, G., Bridges without Transverse 
Diaphragms—A Finite Element Proceedings, The Structural Engineer, Vol. 
47, No. 11, Nov., 1969, pp. 455-460. 

Taylor, G., Modelling Prestressed Concrete Box Girders Subjected 


Combined Ph.D. Thesis, Dept. Civil Engrg., The University Alberta, 
1977. 


Timoshenko, P., and Woinowsky-Krieger, S., Theory Plates and Shells, Engrg. 
Soc. Monographs, 2nd ed., McGraw-Hill Book Co., Inc., New York, N.Y., 1959. 


The following symbols are used this paper: 


shear rigidity modulus; 

effective beam width; 

crack width; 

dowel failure force; 

initial concrete modulus; 

ultimate concrete secant modulus; 

concrete secant tangent modulus under biaxial stresses; 
uniaxial concrete secant tangent modulus; 

ultimate concrete compressive strength; 

cracked concrete shear modulus; 

ratio orthogonal direct stress direct stress direction con- 
sidered; 


c= 

E= 


MAY 1981 


shear displacement across crack; 

strain corresponding 

ultimate concrete compressive strain; 

constant; 

Poisson ratio; 

Poisson ratio direction considered; 

direct stress direction considered; 

direct stress orthogonal direction considered; and 
ultimate concrete compressive strength. 
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RATIONAL DESIGN FILLET WELD GROUPS 
Peter 


INTRODUCTION 


The analysis and design fillet weld groups subjected static loading has 
been documented for many years (e.g., Refs.). With the exception recent 
developments Canada (3) the codified rules have been based upon simplified 
elastic procedures. These procedures provide simple path leading safe but 
conservative design based limiting stress criteria. The move towards limit 
states design and the excellent work by, among others, Clark (5) and Bulter, 
Pal, and Kulak (4,7) has suggested the suitability and rationality using design 
methods based the assessment ultimate capacity. Work the writer 
(11,12) Australia has validated the ultimate load approach and placed existing 
elastic procedures into context. 

the aim this paper briefly review the fundamentals weld group 
design, present some aspects these fundamentals rational and concise 
manner, describe ultimate load model which complementary that 


used Butler, Pal and Kulak (4) and make some comparisons with their 
results. Examples both elastic design charts and ultimate load charts are 
included whereas detailed aspects ultimate load modeling are described 
another paper (15). these charts, together with constitutive laws which 
they are based, which are highlighted the paper. 


Fig. shows some typical fillet weld groups. Fig. shows groups loaded 
and Fig. 1(b) shows group loaded The significant 
feature each type group that strains are induced the weld metal 
by, essentially, rigid body movements the parent plates relative each other. 
There are, fact, deformations each the parent components but these 
are generally regarded insignificant, compared with the occurring 
the weld metal itself, when formulating analytical model each joint. Without 
such assumption worth noting that any analytical procedure most 
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intractible and unlikely produce results which are practically advantageous. 

in-plane group weld deformation occurs the plane containing both 
the interface and the applied load system. out-of-plane group deformation 
occurs planes normal the interface but parallel plane containing the 
applied loads. Note that the use out-of-plane groups the comments concerning 
rigid body motion parent components are consistent with schematic model 
the joint which the weld group acts short beam, sandwiched between 
the two abutting faces. 

any weld group loaded combined moment and shearing force, 
shearing force not applied through the centroid the weld group, the direction 
the resultant force, relative the local longitudinal axis the weld, carried 
any unit length weld, function the position that unit element 
the group. 

Only recent years (9), Australia elsewhere, has there been any attempt 
incorporate this significant effect into elastic design rules. Ref. does this 


(a) 


FIG. 1.—Typical Weld Groups 


manner which not entirely satisfactory, leading design rules which 
are difficult apply and which permit very small increase permissible 
load-carrying capacity (10). 


The following fair statement the usual sequence analytical steps 
adopted order determine the most highly loaded unit element weld 
run: 


Adopt trial weld group and determine its centroid. 

Replace any applied load system the statically equivalent system 
consisting resultant shearing force the group centroid together with 
moment about the centroid. 

Calculate the shearing force per unit run due the resultant force 
dividing the resultant the total weld length (i.e., uniform shear). 
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Assume that the moment resisted forces which are proportional, 
each unit element, the distance that element from the weld centroid. 

Thus calculate the shears per unit run produced the moment from the 
equation The term shearing force per unit run acting 
element distance from the centroid, due the resultant moment For 
in-plane group, polar second moment area the group with respect 
centroidal axis. For out-of-plane group, second moment area 
the group with respect centroidal axis the plane the group. 

Thus obtain the vector sum steps and any critical point the 
weld group, seeking find its (biggest) value. 


FIG. 2.—General In-Plane Connection 


Check that this maximum vector sum can safely carried the trial 
group the basis the relevant code clauses. 


The procedure just outlined straightforward but cumbersome. does not 
explicitly highlight the unit element weld which most critically loaded. 
The writer (10,14) and the writer and Skewes (11) have shown that this elementary 
procedure can simply stated explicit formulas which give the 
design capacity any particular group. The restatement also presents current 
practice form which readily interpreted elastic design charts. Ref. 


.d 
weld run 
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contains such charts and Table Ref. list explicit formulas based 
limiting stress criterion uninfluenced the direction the applied load. 
Fig. shows typical in-plane weld group carrying general set applied 
loads (P,,P,,M) applied point (x,,y,) the plane the weld group. 
relative rigid body motion occurs due deformation the weld run 
may completely described rotation one the parent plates relative 
the other about instantaneous center rotation whose coordinates are 
The relative displacement between the plates is, any point the 
weld run, proportional the distance that point from the instantaneous 
center. the weld run assumed have small cross-sectional dimensions 
compared with the overall joint dimensions and elastic behavior assumed 
then the resultant force acting any unit element also proportional the 
distance that element from the instantaneous center and the same direction 
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FIG. 3.—Typical Elastic Design Chart 


the relative displacement, i.e., the direction the resultant force always 
perpendicular the radius from the unit element the instantaneous center. 
This the fundamental description the basis the current elastic analysis 
procedure. immediately follows that the most highly loaded unit element 
that element which most distant from the instantaneous center. 
Referring Fig. static equilibrium requires that: 


proportionality. 
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Noting that cos (x, and sin (y, substitution 
gives the following results: 


P, kz5(y, —y,)ds 
M k [Zs(y, —y,)ds x, x,) ds] 


Choose now the origin coordinates the centroid the weld group. 
Therefore, definition: 


which /,,, J,,, and I,,) second moments area weld 
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FIG. 4.—Load-Displacement Relationships for (6.35-mm) Fillet Weld Coupons 


group unit throat thickness with respect centroidal axes. 


Using these properties and substituting Eqs. and easily shown 
that 


These equations may re-arranged give explicit expressions for the 
unknowns x,, and viz: 
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Therefore the force per unit length, R,, acting any unit element simply 


which given previously; and known once and are known. 
and make possible write down explicit results for the analysis 
and thus design, any weld group. 

For any out-of-plane group the only modification the foregoing that 
Eq. replaced the second moment area the weld group 
with respect centroidal axis the plane the group and normal the 
plane the applied loads. 

Fig. shows typical computer-generated elastic design chart based the 
aforementioned procedure for weld group type such might used 


FIG. 5.—Symmetric In-Plane Weld Groups Showing Definition Geometry 


attach angle section gusset plate. The nondimensionalized load axis 
defined dividing the permissible design load, the quantity 
which maximum permissible throat stress 0.33 nominal tensile 
strength, the electrode, Australian Standard AS1250-72, e.g.; 
minimum weld throat width; and diagnostic weld dimension shown 
the chart. 

order ascertain the design capacity the user need only calculate the 
nondimensional eccentricity e/d and enter the chart the corresponding radial 
(e/d) line. The intersection this radial line with the appropriate contour 
then ascertained. The vertical ordinate (load axis value) corresponding 
this intersection gives the permissible load. The horizontal axis the chart 
deliberately unlabelled since possesses little design significance. The contour 
intercepts with the horizontal axis are fact the nondimensionalized ‘‘pure 


ST5 FILLET WELD GROUP 


There can little doubt that more rational approach design stems from 
the accurate prediction and the subsequent use suitable load 
factors prevent the failure state being reached under working loads. Kulak 
(4,7) and his coworkers have been instrumental developing such approach 
Canada, and Faltus (8), more recently examines the development. The writer 
and Skewes (11,12,13) have developed techniques and experimentation with 
the support the Australian Welding Research Association. 

Constitutive Laws.—To develop ultimate load model only necessary 
note that step the foregoing elastic procedure must 
dispensed with. The assumption relative rigid-body motion dictates that relative 
displacement proportional distance from instantaneous center. The force 
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FIG. 6.—Typical Ultimate Load Chart 


generated that displacement will not general proportional the distance 
from the instantaneous center. 
Instead, necessary develop appropriate constitutive laws which relate 
force and displacement for any particular unit weld run. These laws have been 
obtained empirically from series coupon tests designed incorporate the 
significant features weld behavior. Using (6.35-mm) fillets and 
procedures outlined detail elsewhere (11), the writer was able generate 
relationships which have been idealized the form given Fig. The 
experimental data which this idealization based and the detailed implications 
the procedures are presented Ref. 11. 
Several features the laws are important: 


relative toe displacement, the form the relationship such that some error 
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prediction this displacement results only minor error prediction 
ultimate load. 

Performance, both terms ultimate load and intermediate behavior, 
depends weld orientation, although for small loads single ‘‘elastic 
(curves and Fig. are considered adequate idealizations. 

The electrodes used the test program were general purpose 
electrodes for with classifications AS.B130:E6013 and 
AWSAS.1:E6013. All coupons were manufactured the same welder under 
well-controlled conditions and all welds were 1/4-in. (6.35-mm) finished leg 
length. 

Relationships quoted Fig. are phrased terms units, reflecting 
the original empirical development. Equivalent United States customary results, 
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FIG. 7.—Test Rig 


with kips per inch and inches, are: 


Analysis Procedure: In-Plane Connections.—Given the constitutive laws, the 
full procedure easily formulated. The precise modus operandi depends upon 
whether the objective generate ultimate load data for presentation chart 
form whether the ultimate load sought for one particular joint loaded 
with specified pattern loads. Both objectives have been achieved with 
purpose written computer programs which, the latter case, are interactive 
and user-orientated. 

the context ultimate load analysis longer possible write down 
explicit results for the position the instantaneous center rotation, failure, 
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due particular applied load combination. generating charts for groups 
such shown Fig. the program must investigate multiplicity 
instantaneous center positions (all, this symmetrical case, the X-axis) 
and “‘report’’ the consequential ultimate combination corresponding 
each instantaneous center. 

When particular load combination specified the ultimate value the 
set obtained using iterative procedure search for the appropriate 
instantaneous center and therefore identify the critical element within the weld 
run. Less fundamental aspects the procedure are again detailed 
subsequently (15). Referring Fig. way example the full procedure 
for generation ultimate load chart easily described. 

For chosen and set, analysis begins choosing arbitrary position 
for the instantaneous center. Possible positions for the instantaneous center, 


TABLE 1.—Comparison Results 


(Theory 
experimental) 


Actual Experimental Theoretical experimental 
Weld type leg size, failure load, value, 100, 
(see Fig. inches tons tons percentage 


(1) (2) (3) (4) (5) 


Note: ton 8.9 kN; in. 25.4 mm. 


general, all lie the axis symmetry and can within the range 
measured from arbitrary position. The instantaneous center position 
identified its distance from the point the axis symmetry through 
which application the applied load would cause pure shear the weld group. 
This position not, general, the centroid although will coincide with the 
centroid for doubly symmetric groups. The user need not aware this 
position. 

Using this instantaneous center and noting the direction the applied load 
any element, i.e., perpendicular the radius, the orientation the reactant 
load the element can identified. Prior achieving this, the computer 
automatically idealizes the group into series small elements length 
Such mesh extremely accurate. 

The program searches the elements and calculates the radius the element 
from the instantaneous center and the maximum deflection permitted that 


0.258 34.38 33.73 
0.253 30.18 29.43 
0.260 20.15 19.60 
0.268 11.01 10.97 
0.264 24.72 29.09 +17.7 
0.270 20.29 21.85 
0.267 23.74 23.96 +0.9 
0.269 24.56 27.11 +10.4 
0.271 31.08 29.98 
0.250 22.09 27.50 +24.6 
0.273 26.44 25.73 
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element were isolation. From these two quantities the angular rotation 
the group can calculated such achieve these hypothetical displacements. 
The minimum these rotations identifies the critical element. 

Having identified the critical elements all other compatible displacements 
the group can calculated simple geometry. The constitutive laws are 
then used identify the reactant load each element associated with these 
displacements. 

Use the equations equilibrium then automatically gives the magnitude 
and line action the ultimate conditions for the chosen weld group, 
and combination, and chosen instantaneous center position. 


eccentricity e 


18 


FIG. 8.—Weld Group Test Series 


The procedure then repeated for the same weld group and combination 
for many instantaneous center positions are necessary produce the 
complete failure envelope for this unique weld geometry. The procedure may 
then repeated for any other combination weld group type. 

All data generated the program automatically stored off-line magnetic 
disc files for access convenient time separate curve plotting subroutines. 
Care has been taken provide simple generalized input formats minimize 
the cost data generation and make use any obvious symmetry and 
repeatability weld group geometry. Care taken formulating looping 


A 
c 
LOAD 
8 
1 5.91 im” 2.95 2.95 0.59 5.91 
2 5.91 1.18 2.95 1.77 0.59 5.91 
3 5.91 1.18 2.95 0 0.59 5.91 
7 5.91 0 2.95 0 0 5.91 
5 5.91 2.3% 2.95 0 1.18 5.91 
6 5.91 1.18 2.95 0 0.59 5.31 
7 5.91 1.18 2.95 0 0.59 4.72 
8 5.91 1.18 2.95 0 0.59 4.13 
9 5.91 1.18 1.77 1.77 0.59 5.91 
10 5.91 3.64 0 0 1.77 5.91 
ll 5.91 1.18 2.95 2.95 0 5.91 
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procedures that useful positions the instantaneous center are achievable 
automatically order produce satisfactory spread computed points 
each failure envelope. There doubt that the generation similar design 
charts for groups which not possess axis symmetry less simple 
matter. 

Entirely satisfactory iterative procedures have, however, been implemented 
for estimation the ultimate capacity any in-plane weld group consisting 
straight-line elements loaded generally-orientated in-plane moment. The 
program detailed elsewhere (12). 

Fig. shows typical computer-generated ultimate load chart for weld 
group the type shown Fig. Its use identical that described for 
the elastic design chart. Ultimate load shown kilonewton per millimeter 
the quotient and The equivalent United States customary value (tons 
per inch) obtained multiplying the chart value 2.85. The results are 
appropriate /4-in. (6.35-mm) welds. Intercepts with the horizontal axis again 


TABLE 2.—Comparative Coupon Values 


Weld 


Ultimate Ultimate 
orientation, Load, kips per inch Displacement, inches 
Butler (4) Butler (4) Writer 
(2) (4) 


degrees 
(1) (5) 


Note: kip/in. 0.175 in. 25.4 mm. 


give pure moment capacity and, for design purposes, not helpful label 
this axis. 


VERIFICATION 


test program (12) for verification the foregoing procedures has been 
undertaken. Fig. shows the purpose built test rig, fabricated high accuracy. 
Fig. summarizes the test weld groups. Five additional tests were performed 
weld type and weld type 10, making tests all. Table summarizes 
the findings. Theoretical values have been obtained using the perimeter weld 
length measured through the centroid the weld run cross section. Actual 
measured leg lengths differed from 1/4-in. (6.35 mm) and theoretical ultimate 
loads have been inferred the basis linear proportionality leg length 
and strength. Such assumption fair over the small range leg lengths 
which occurred. Investigations currently being considered the Australian 
Welding Research Association relate the appropriateness such assumption 
over wide range weld sizes. The general agreement between theory and 
experiment highly satisfactory although the results for weld types and 
are disappointing. Subsequent testing further type welds did not 
their experimental performance. 


10.87 12.56 0.106 0.118 
14.65 13.36 0.042 0.094 
15.42 14.16 0.032 0.071 
15.75 14.96 0.026 0.047 
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interesting compare constitutive laws with those used Butler, Pal 
and Kulak (4), and thus compare theoretical predictions. The 
the load-displacement curves used described relatively complicated 
empirical expressions (4), whereas the writer has chosen idealize his experi- 
mental data with approximations. noted that the electrodes 
used Butler were AWS E60 type, not unlike those used the 
writer’s test, although further information concerning the process quoted 
Ref. 

Table compares significant parameters the two sets laws. There are 
clearly distinct differences, particularly the inferred maximum displacement. 
considerable importance, and very encouraging, therefore observe 


TABLE Test Results (4) Compared 


Theoretical 
values, kips 
Test weld (see Ref. Table Test results, kips 
(2) (3) 


“These results appear doubt. Suspect incorrect reporting weld dimension. 
Note: kip 4.45 kN. 


that the predictions weld group capacity ultimate load method, either 
due Butler the writer, are excellent despite these differences. appears 
that the model insensitive details the constitutive laws, and this 
helpful gaining acceptance the methodology. Table uses the test weld 
nomenclature Ref. and the excellence the prediction Butler’s test 
results both his and the writer’s model evident. The result peculiar 
and would appear that the test weld geometry data could error 
reported. 


attempt has been made present rational statement both elastic 
and ultimate load techniques for the design in-plane weld groups. The 


114 119 126 
227 228 228 
318 315 311 
248 247 233 
170 164 162 
349 329 326 
226 226 238 
289 301 297 
246 255 225 
324 240° 315 
319 311 301 
307 301 291 
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presentation both elastic design data and ultimate load data chart form 
has been illustrated with charts which are typical wide range that has 
been produced. Investigations currently being undertaken the writer are likely 
lead the development similar ultimate load charts for connections loaded 
out-of-plane. 

There appears excellent supportive evidence for the accuracy the 
ultimate load model and, Canada, there would appear the basis 
more rational approach fillet weld design. The insensitivity the model 
details the coupon-modeling behavior important and suggests the possibility 
fairly easy extension into areas where significantly larger leg lengths are 
required. The accuracy with which the writer’s model predicts Butler’s test 
results generally marginally better than that achieved Butler’s model, 
although scarcely significantly so. source some irritation that the 


writer’s model predicts Butler’s test results somewhat more accurately than 
predicts his own test results! 
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The following symbols are used this paper: 


minimum weld throat thickness; 

diagnostic weld group dimension; 

eccentricity; 

nominal tensile strength welding electrode; 

I,, polar second moment area; 

second moments area unit weld group about in-plane axes 
(Ox, Oy); 

constant proportionality; 

in-plane couple applied weld group; 

pure couple sufficient cause failure; 

length parameter for weld group; 

length parameter for weld group; 

permissible design load, also ultimate load; 
applied in-plane loads parallel (Ox, Oy); 

force per unit length position 

ultimate load unit element weld; 

distance position from instantaneous center; 
total weld perimeter length; 

perimeter coordinate; 

coordinates instantaneous center; 

coordinates weld element 

relative toe displacement unit weld direction applied load; 
ultimate relative displacement; 

coefficient 0.33 AS1250-1972; and 
orientation weld axis applied load direction. 


e 
I,» 
Mx 
m= 
asx 
Run 
s = 
(x, 
(x, Vp) = 
Bun 
71 = 
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WELD BEHAVIOR 


Peter 


INTRODUCTION 


recent paper (5) the writer summarized theoretical and experimental work 
concerned with the performance fillet weld groups loaded in-plane combined 
moment and shear. The procedures described therein make use idealized 
constitutive laws, shown Fig. based empirical data obtained from coupon 
tests. Limiting behavior described the attainment critical ultimate 
displacement critically positioned unit element weld run. Limiting 
displacements are described the broken line Fig. and depend upon 
the orientation weld element with respect the direction the force 
acting the element. 

For any particular, assumed, position instantaneous center (IC) rotation 
associated with relative motion between the parent plates, possible predict 
the limiting set in-plane loads which will just cause failure the weld group, 
with parent piates rotating relative each other about the assumed center. 
Alternatively possible obtain the limiting magnitudes particular 
load combination, applied particular point the plane the weld group. 
this necessary develop iterative procedure locate the appropriate 
(IC) rotation failure occurs. Explicit expressions for the location this 
center cannot developed, unlike when simple linear 
elastic behavior assumed. 

specific unit in-plane load set (P,,P,,M) applied the coordinate 
position (X,, Y,), see Fig. particular weld group, the rotation 
will when load factor applied multiplier the unit set. 
cause load per unit length, critically positioned element, excess 
the ‘‘change’’ value the intersection curves and Fig. Thereafter 
values are implicit function and the towards 
its ultimate failure position. 

The purpose this paper complement Ref. and examine some 
detailed aspects the procedures used the evaluation ultimate load 

Lect. Civ. Engrg., Univ. Queensland St. Lucia, Brisbane, Queensland, Australia 
4067; also President, Australian Welding Inst., Australia. 

Note.—Discussion open until October 1981. extend the closing date one month, 
written request must filed with the Manager Technical and Professional Publications, 
ASCE. Manuscript was submitted for review for possible publication April 1980. 
This paper part the Journal the Structural Division, Proceedings the American 
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8001 /0005-0803 $01.00. 
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combinations. Specific properties weld group, referred the 
and shear’’ conditions, are considered and the paper begins 
with example the the instantaneous center from its elastic 
its ultimate position. The relative magnitudes elastic and ultimate capacities 
weld groups are then covered. The paper concludes with description 
the procedures that are necessary obtain the ultimate capacity any in-plane 
group carrying any specified in-plane combination loads. Refs. and 
provide background material for those wishing evaluate the ultimate load 
approach. 

convenient use the Constitutive Laws shown Fig. which are 
applicable /4-in. (6.35-mm) welds. The general arguments concerning iterative 


Rat * 12.56 + 0.02666 
Suit * 0.1181 - 0.0007876 


Curves A: R = 9,541 + 0.04686 + 25.574 


= 
a 
- 
= 
= 
~ 
- 
= 
=> 
a 


Curve B: R = 344.534 + 8.729 
Curve C: R = 3770.984 


Note: In the above 6 is given in degrees 


FIG. 1.—Load-Displacement Relationships for (6.35 mm) Fillet Weld 


procedures and the pure moment and pure shear conditions are substantially 
unaltered the choice alternative descriptions nonlinear material behavior, 
as, Butler, al. (1) the context different weld leg lengths. 
The test program which the idealized Laws Fig. are based described 
detail Ref. Test coupons were fabricated using E41xx general purpose 
electrodes with classifications AS.B130:E6013 and AWSAS.1:E6013. 


any weld group, loaded in-plane out-of-plane, assumed behave 
elastically then possible develop explicit results for the position the 


90° 
ais ~ 
60° 
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rotation one parent plate relative the other. The load carried 
any unit element weld proportional the distance that element from 
the IC. The most highly loaded element immediately identifiable that element 
most distant from the IC. Using simple elastic limiting stress design criterion, 
adopted traditionally many countries, the check design adequacy 
elementarily easy once the most highly loaded element identified. 

Table gives explicit results for the positions range weld groups, 
behaving elastically, together with the consequential load acting the most 
highly loaded element. noteworthy that this most highly loaded element 
will not necessarily govern the design if, e.g., Australia, limiting stress 
criterion which direction-dependent adopted. This relatively rare complication 
has been examined elsewhere (4). Results quoted Table have been developed 


from procedures outlined recent papers (4,5) and Fig. defines the different 
weld types. 


~ 


V4 


FIG. 2.—Generally Loaded In-Plane Weld Group 


Using the constitutive laws Fig. elastic behavior governed curve 
The limiting elastic value the load per unit length corresponds the 
intersection curves and viz.: 


When the applied load increased beyond the limiting elastic value, obtained 
equating the appropriate expression Table this value the stiffness 
the weld group progressively degenerates. The position can found 
iterative procedure, being located such that the equations equilibrium 
are satisfied with the specified applied load. This simple matter for symmetrical 
weld groups loaded with single applied load acting normal the axis 
symmetry. less simple for the loaded, general group. 
The procedure for this more significant event described later. 

way example, the position the for simple type weld group 


y 
| 
R.ds 
| 
! 1.€.(X,¥,) 
0 
| Weld Run 
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(Fig. which has been investigated detail. Progressive increase 
load factor applied the limiting elastic load, from until 
takes its ultimate value, together with simple searching routine, written 
BASIC, produces the results shown Fig. observable that the 
migrates towards the weld group from its elastic position increases. 


TABLE 1.—Properties Elastic Weld Groups 


Maximum 
load per 
position unit length Symbol definition 
(2) (3) (4) 


2n; 
Y/d=1 
m+n) 


Note: positions are measured from the centroidal axes shown Fig. 


this simple example obvious that the stiffness the weld group 
progressively degenerates from the weld ends inwards towards the axis 
symmetry. Ultimate carrying capacity dictated attainment limiting 
displacement the end elements the weld run. Similar curves those 


Weld 
type 
(1) 
4 
a=e/d 
16a7)'/? 
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Fig. can easily obtained for any other weld group but care must 
taken identify progress the stiffness degeneration all stages. The element 
which first reaches limiting displacement and thus precipitates failure, must 
carefully identified. 


Factors 


Using the elastic limiting stress procedures outlined previously and the ultimate 
load technique described Ref. possible estimate the likely load 


Weld Types 1 - 5 are 


‘in-plane’ groups 


Weld Types 6 and 7 are 


‘out-of-plane’ groups 


FIG. 3.—Definition Weld Types 


factors, against failure, possessed weld groups which have been designed 
elastic methods. 
Let the load factor, for the present, defined the ratio the ultimate 
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value the value just sufficient cause the limiting elastic load 
(Eq. the most highly stressed unit length. Let consideration, firstly, 
confined the simple weld group referred before. 

the pure shear condition the limit elastic behavior reached 
when 9.607 kip/in., and the ultimate load occurs when 12.56 
kip/in. Therefore the load factor, defined before, 1.307. pure moment 
condition when all elements the weld are behaving transverse 
welds, easy show that the load factor increases approx 2.24. For 


on 


-c 
om 
Zo 


FIG. 4.—Relationships between Load and Position 


all intermediate values the load factor lies between these two extreme 
values but rapidly approaches the upper value the eccentricity increases. 
The load factor exceeds 2.2 for all values greater than unity. 

Referring, now, weld groups general geometry, similar investigations 
can made. survey all the elastic and ultimate load charts produced 
the writer (6), together with experience obtained from use the general 
computer program described later suggests the likely range load factors. 
This range for the load factor defined previously is: 
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not possible entirely certain that load factors for all possible geometries 
and all possible loading patterns fall within this range but does appear 
encompass all weld groups far investigated. further example instructive, 
and reference has been made previously published charts (6) obtaining 
some the data. 

weld group type with 0.1 has load factor approximately 
which the load factor minimal. interesting note that type 
weld which will have load factor equal 1.307 when 
Further, with very small but not quite zero, the existence very small 
amount transverse fillet has very small effect upon the elastic limiting 
load, again with However, the existence any transverse fillet dictates 
that the ultimate behavior will governed the attainment ultimate 
displacement that transverse fillet. these circumstances the majority 
the weld metal, the vertical longitudinal runs, will operating unit loads 
significantly less than the ultimate load per unit length longitudinal fillet. 

Using, again, Fig. follows that the ultimate strength 1/4-in. leg length 
type weld pure shear and without transverse fillets 
25.12 With vanishingly small amount transverse 
fillet, failure occurs with the the longitudinal welds 
limited the ultimate value associated with transverse weld failure, i.e., 
0.0472 in. (1.2 mm). Therefore, from Fig. with the load per unit 
length failure the group 10.75 kip/in., and the ultimate capacity 
the group apparently only 21.5 kip/in. The consequential theoretical load 
factor defined previously therefore seen reduce 1.307 21.5 
25.12, i.e., 1.12, upon the introduction small amount transverse fillet. 

Such theoretical result must treated with caution! consequence 
the, perhaps inevitable but not necessarily essential, adoption failure criteria 
which assume that ‘‘a chain only strong its weakest even when 
the system under investigation truly statically indeterminate. course 
arguable that, rupture occurs the small amount transverse fillet, failure 
the complete group rapidly follows with the longitudinal elements unable 
accommodate the extra load shed them. 

The load factors under consideration are referenced the limit elasticity. 
limiting elastic stress design code working stresses are restricted values 
significantly less than the limit elasticity. For example, Australian Standards 
Association Steel Structures Code 1250. 1972, rules not dissimilar 
those other countries, limits stresses 0.33 F,,,. The term, the 
nominal tensile strength the electrode used. For E60xx (E41xx) electrode 
ksi (410 MPa) and the consequential permissible load per unit run 
for 1/4-in. (6.35-mm) weld 3.469 kip/in. (0.608 Therefore, based 
the Fig. criteria, there additional safety against 
equal 9.607 3.469 2.77. This factor multiplier that must applied 
the load factors quoted previously. 

Hence the actual theoretical load factors which exist conventionally designed 
fillet weld groups are seen the range: 
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Empirically obtained ultimate loads are found well-predicted the 
theoretical model used this study (7). may, then, concluded that 
conventional design procedures for statically loaded weld groups have built 
into them load factors broadly the range 3-6. 

The findings Fisher, Galambos, al. (3) which fillet welds are shown 
possess safety index the range 4.2-5.77 are based the use 
data from multiplicity tests. They refer, also set 
133 shear strength tests obtain mean shear strength and use resistance 
factor based distortion theory. The consequential traditional 
and LRFD approaches obviously important. Their work does not predict 
load factors possessed weld groups. would appear that the 
investigation described before complements that work providing some such 


factors for weld groups whose basic material characteristics are similar those 
described Fisher. 


Pure 


in-plane fillet weld group may said when the 
reactive forces acting each and every element are parallel the direction 
the applied load. Such definition consistent with generally accepted 
notions implies that the rotation the parent plates relative 
each other infinity. 

fully elastic weld group, consequent effect that all reactive forces 
are equal. The moment these forces about the weld group centroid zero. 
This follows from the fact that the first moment area the weld run about 
the group centroid is, definition, zero. Thus the definition pure shear 
consistent with the notion that, linear elastic models, ‘‘applied loads 
the centroid cause uniformly distributed shearing 

When model incorporates load-displacement laws that are direction-depen- 
dent, pure shear, defined, occurs when the line action the applied 
load off-set from the weld centroid. Fundamentally displacements that 
are equal, when the infinity, rather than loads. Since the forces induced 
these displacements are weld-direction-dependent their moment about the 
centroid longer zero. When failure occurs pure shear the resultant 
the reactive force set will intersect the X-axis (Fig. position other 
than the centroidal position. This position may referred the pure shear 
position. 

For example, type weld with failure pure shear occurs 
when the transverse fillets carry maximum load equal 12.56 kip/in. The 
load per unit length each vertical weld run then only 10.75 kip/in. Simple 
moment equilibrium shows that the eccentricity applied load parallel 
the vertical weld run, measured from that run, 
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Pure Moment 
The pure shear condition referred specific line action the applied 


load, consistent, failure, with infinity. The condition 
refers specific position consistent with the weld group failure possessing 


weld group 


Line action 
produce “Pure Shear" 
failure 
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FIG. 5.—Pure Shear and Pure Moment Relationships 


reactive forces which sum zero both coordinate directions, i.e., with the 
group generating reactive couple only. This position may computed 
systematic search (7) and, again, does not general coincide with the weld 


group centroid. 
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Fig. shows shaped weld carrying applied load parallel the back 
leg. The length the top leg 1.5 times the length the back leg and the 
bottom leg 0.5 times the back leg. set axes have their origin 
the bottom corner the weld. valuable investigate the behavior 
this group under load applied parallel the 

Superimposed Fig. 5(a) the locus all the positions the for 
which the net resultant force the direction zero and the weld group 
reaches its ultimate capacity under the load placed various eccentricities 
with respect OY. 

may shown that when the has the coordinates (0.27,0.74), the net 
resultant force the direction also zero and the weld group fails 


FIG. 6.—Axis Orientation for Generally Loaded Weld Group 


pure moment condition. Further, when the infinity, the group fails 
pure shear condition and the line action 0.46 units the 
right the axis. 

Referring Fig. the horizontal axis again records the coordinate 
the IC. The coordinate obtainable translation the locus plotted 
Fig. 5(a). The vertical axis Fig. 5(b) records the eccentricity the applied 
ultimate load Fig. 5(b) therefore records the relationship between eccentricity 
and position failure occurs due single applied load P,. The relationship 
between Figs. 5(a) and 5(b) then apparent. may observed that all trial 
positions, x,., the lying the range +0.37 +00 give ultimate 
conditions which the eccentricity the load the left the pure 
shear position. All trial positions, x,., the lying the range 
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+0.37 give ultimate conditions which the eccentricity the load 
the right the pure shear position. 

terms computational expediency desirable refer all calculations, 
within the computer, the new set axes (OX,OY) shown typically Fig. 
doing this all the iterative searches are much simplified. emphasized, 
however, that the position these axes need not known the user and 
all output results are referred back the arbitrary set axes chosen the 
user displayed design charts. The centroid this particular weld group 
has coordinates (0.4167, 0.6667). 


Fig. shows general weld group generally loaded referenced 


user-chosen set axes Steps the solution procedure are 
follows: 


Weld geometry specified relative the user-chosen axes (Ox, Oy). 

The pure moment position the located and set axes (Ox, Oy) 
established with this position origin. 

Input loads are specified relative (Ox,Oy) and rereferenced the 
(Ox, Oy) axes. 

Solution begins evaluation the equivalent single force the resultant 
(P,,P,) and its line action. new set axes established 
rotation that lies parallel P,. All subsequent searches 
are conducted with reference these new axes. 

The pure shear position established and all eccentricities subsequent 
calculations are referenced for convenience this position. 

The bound values (V,,V,) are established for the search. The 
position failure due P,, cannot outside the bounds 

trial position, adopted and, holding ,u, constant, search 

With this located the moment all reactive forces about (u,,v,) 
evaluated. The apparent eccentricity the equivalent force then known. 
will not general the desired eccentricity, i.e., the offset from 
the pure shear position. 

Successive additional trials ,u, are taken, iterating each time with respect 
eccentricities which bound the desired eccentricity. 

10. Successive internal halving procedures are then adopted until the 
corresponding the precise eccentricitz obtained sufficient accuracy (all 
trials include the establishment ,v, such that 0). 

The ultimate value the load necessary produce failure with the 
specified eccentricity then equal 


The procedures outlined are used BASIC program size easily 
accommodated any modern minicomputer possessing standard BASIC 
operating system. The program, including approx lines optional user 
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instruction less than 400 lines length. Descriptions this program are 
given Ref. 


Some detailed aspects weld group behavior have been highlighted 
attempt provide supportive material that contained earlier paper 
(5). 

While precise knowledge the position the rotation need not 
possessed user the ultimate load approach its implications are important 
establishing full understanding the technique. The concepts pure 
shear and pure moment are significant the development good computational 
procedure and encompass the traditional elastic concepts. 

The importance establishing knowledge the load factors possessed 
traditionally-designed weld groups lies the indication they give the 
economies that are achievable, safely, adoption more rational design 
methods. Such indication less important any proposed LRFD procedure 
since such procedures are currently reference more traditional 
approaches. 

Finally, the computational procedure described briefly herein has been used 
extensively with wide range weld geometries and loads, under stringent 
test conditions. With the supportive evidence empirical studies appears 
provide working tool for future adoption within design offices. 
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INTERACTION 


and Ahmad 


Analysis structural system consisting pile cap and group piles 
embedded geologic medium considerable interest structural and 
soils engineers. the past, most procedures used for such analysis have employed 
simplifying assumptions which each the components, namely cap, pile, 
and soil are treated separately and then their combined behavior obtained 
superimposition individual behavior. Hrennikoff’s (9) approach has been 
one the earliest efforts for analyzing group piles rational manner. This 
procedure was based various assumptions such the problem was two 
dimensional and the pile cap was absolutely rigid. This method was extended 
Aschenbrenner three-dimensional pile groups and the piles were 
considered hinged the cap. Reese al. (13) improved the method 
introducing nonlinear pile head response axial and lateral loads. Saul 
(15) used similar procedure for dynamic analysis pile groups. 

Most the foregoing methods are based approximate simulation the 
system lumping various factors such stiffnesses and forces; the lumping 
process usually ignores the geometrical extents the structural members and 
the soil medium. 

Use the modern numerical techniques such the finite element method 
can permit incorporation number factors ignored the previously used 
procedures. For instance, possible include the geometrical shapes and 
extents various components, nonlinear soil behavior and soil-structure interac- 
tion effects. 

The basic problem, Fig. three dimensional nature. possible 
treat the problem fully three dimensional finite element analysis. Although 
such three-dimensional analysis possible, this time, can quite expensive. 
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For the purpose application analysis and design preferable use 
procedure that can handle number significant complexities, but the 
same time, simple and economical possible. The aim this paper 
present such simplified numerical finite element procedure and its applica- 
tions. 

Insofar the theoretical formulation concerned, the procedure used herein 
quite simple and straightforward. utilizes the well known concepts the 
finite element theory (5,6) for beam column and plates and simulation foundation 
soil nonlinear springs. The major contributions this paper are: (1) Utilization 
integrated approach which various components are combined together 
allow for consideration soil-structure interaction including the 
possibility stress relief and loss contact, nonlinear soil behavior, and group 
effects; (2) computation displacements, stresses, moments, and shear forces 


Plate Element 


Soil Sprinas 


Soil Sorinas 


FIG. Pile-Cap-Pile-Foundation System 


the entire system; and (3) parametric studies which influence relative 
stiffnesses various components the distribution loads, displacements, 
and stresses can delineated. 


Since the basic theory the finite element covered large number 
publications, only brief details the procedure are presented herein. 


The procedure based replacing the three-dimensional system, Fig. 
combination one-dimensional idealization for piles (beam column), 


Beam-Column Element 
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two-dimensional idealization for pile caps (plate), and equivalent springs for 
the foundation. 

Pile Element.—Figure shows general beam-column element. Each node 
this element has six degrees-of-freedom, i.e., and the and directions 
respectively, the axial direction, and the three rotations, 6,, and 


about the three axes (5). 


a General Element b Axial Load 


¢ Bending in the d Bending in the 
x-direction y-direction 


FIG. 2.—General Beam-Column Element 


Cubic approximation models used for and and linear for are expressed 


and subscripts and correspond nodes and 

Use the principle stationary (minimum) potential energy leads finite 
element equations for the beam column: 


[kee] = {Q,.} 


which [k,.] the stiffness matrix composed stiffness matrices relevant 
bending and directions and axial deformations; 
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the contributions from body force, surface traction, and concentrated forces. 
These loads can the two lateral (x,y) and the axial (z) directions, and 
moments about the and axes. 


Variation Geometry and Material (linear) the 
material modulus and the area point the pile element are incorporated 


which E,, E,, and A,, the nodal values and and N,(i 
linear interpolation functions. 


z 


FIG. 3.—Plate Element Local and Global Coordinates 


Plate Element.—Figure shows rectangular plate element subjected 
transverse and membrane inplane loads. The element equations for the plate 
element involving bending and inplane behavior are derived (2,5,6) 


which stiffness matrix for the plate element; element nodal 
generalized displacement vector; and {Q,} element nodal load vector due 
body forces, surface tractions, and concentrated forces. Here the transverse 


displacement defined using Hermitian interpolation functions and bilinear 
functions are used for inplane displacements. 


Son 


The soil support various modes simulated using series equivalent 


2 
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and independent nonlinear springs. any point the structure, slab (cap) 
pile, there can exist three translational and three rotational restraints, Fig. 

The soil response assumed nonlinear. The nonlinear stress-strain 
curves are expressed using the concept soil resistance versus deflection 
p-y curve approach (10-12). Figure shows symbolic representation 
resistance-deflection curves the three translational directions. 

The representation the soil response curves used herein involves modified 
form the Ramberg-Osgood model According this, the tangent modulus, 


resistance 


(unloadina) 


compression 
tension displacement 


FIG. 4.—Simulation Resistance-Displacement Curves Ramberg-Osgood Model 


E,,, soil resistance-deflection curves, Fig. given by: 


E,,—E, 


soil resistances; y(u,v,w) generalized displacements; and 
exponent that defines the shape the curve. Details evaluation the 
parameters together with computer code are given the first writer and 
(4). 

The foregoing modified Ramberg-Osgood approach found better than 
the procedures which the tangent modulus computed the chord slope 
between two data points curve and the use functions such hyperbola, 


yield point ‘tr 
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parabola, and splines; fact, the model proposed herein includes hyperbola 
special case. 

The nonlinear p-y curves can calculated using criteria proposed 
Reese, Matlock and others (11-13). The formulation and code presented herein 
allow incorporation both linear and nonlinear soil responses. the case 
the former, the initial modulus input the invariant value. 


INCREMENTAL 
For nonlinear analysis, incremental iterative procedure employed. The 
total load divided into small load increments and equilibrium iterations are 


performed for each load increment. The tangent modulus for the soil can 
revised, based Eq. for each load increment and each iteration. 


Loss Contact Stress TRANSFER 


Depending upon loading, geometry foundation structure, and soil, loss 
contact can occur between structure and soil, condition tensile zone 


a Idealization of Beam and Foundation 


b Deflected Shape due to Force F 


Applied Equilibrating Forces 


FIG. 5.—Representation Stress Transfer Technique 


can induced the soil. both situations, since soil possesses limited 
zero tensile strength, necessary redistribute transfer the tensile stresses 
the adjoining continua. rather simple, but effective procedure used 
achieve this. involves computation equivalent nodal load equal the 
net tensile force, and applying the structure the opposite direction 
and performing equilibrium iterations. Figure shows schematic diagram 
the tensile (stress) redistribution approach. 
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VERIFICATION 


number problems, beams-on-linear foundation, raft-on-linear foundation, 
building frame, and slab-on-linear foundation and pile cap and pile group 
nonlinear foundation were solved using the proposed procedure. The numerical 
predictions were compared with closed form, finite difference, previous finite 
element, photoelastic, and laboratory model solutions; the comparisons were 


P=136.1KN 


FIG. 6.—Frame-Mat-Foundation Problem (8) 


found satisfactory. Two these examples relevant cap-pile-soil 
interaction are presented herein. 

Example Frame-Mat-Foundation Problem.—Figure shows frame and 
mat foundation resting soil. This problem was solved Haddadin (8). The 
properties the system are given follows: 

1.80 10° and for both 2.07 10’ 

Mat.—Length 8.53 width 8.53 thickness 45.70 cm; 2.07 
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FIG. 7.—Finite Element Mesh (Frame and Plate) 


Nodal Point Number 


Haddadin 


Contact Pressure (kN/m*) 


FIG. 8.—Contact Pressure along Line 9-19 (Fig. 
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10’ and 0.15. The mat had opening size 3.66 1.22 
the center. 

Soil.—The left-hand half the foundation was assumed have coefficient 


subgrade reaction equal 27.2 and that for the right-hand half 
equal 13.6 


Loads.—The frames were subjected vertical load and horizontal 
load, 45.4 kN. 


Results.—The finite element mesh for beam-column elements the frame, 
and plate elements the mat are shown Fig. The computed distribution 


A 


12.70cm 12.70cem 


Plan View 


22.56 kN 


=——Dial Indicator 
Sand Surface 


Side View 


FIG. 9.—Pile Group Model (7) 


contact pressure along typical section (nodes 9-19) are compared Fig. 
with those obtained Haddadin (8). The results this analysis are general 
agreement with those obtained Haddadin; the difference can due the 
differences the finite element formulations and the procedure used for 
accounting the frame superstructure. the present analysis, the frame included 
integral part the entire system, whereas Haddadin used the substructure 
approach which the frames were analyzed separately and then the reactions 
were superimposed the mat. Also, the plate element this study has five 
degrees-of-freedom each node, whereas Ref. appears consider only the 


38.10 cm | 
A 
é 7.62 cm 
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bending effects with three degrees-of-freedom node. 

Example Cap-Pile Group-Soil (Model Study).—Figure shows model pile 
group tested laboratory Fruco and associates (7). The pile group was 
installed bin 1.22 diam and 1.22 deep. Three pairs piles were used 
make two rows located distance 7.62 center center. The distance 
between each pair piles was 12.70 center center the direction 
the horizontal load. The pair piles the middle was vertical, whereas those 
thick pile cap was used; its bottom was 1.27 above the sandy foundation 
which the piles rested. 

The properties the piles, cap and soil are given follows. 

Piles.—Piles were made hollow aluminum tubing with 6.73 10’ 
6.41 cm‘; diameter 1.27 cm; total length piles 
63.50 cm; and embedded length piles 53.34 cm. 

cap material was made Hydrocal. Its properties were assumed 

material properties the sand used and reported Ref. based 
triaxial and direct shear test data were: (1) Angle friction 34.6°; and 
(2) density 1.66 g/cm’. Based these characteristics, the p-y curves relevant 
axial and lateral loading were evaluated using the procedures described 
Reese, Cox, and Koop (10). Typical curves for lateral loading are shown 
Fig. 10. These curves were simulated using the Ramberg-Osgood model. 
The parameters derived and used for this model, Eq. relevant p-y curves 
various depths, are given Table 


Loading.—In the laboratory test, vertical load equal 22.65 was first 
applied the middle the cap. The horizontal load 14.04 was then 


applied number increments and the corresponding movements were 
recorded. 


p (kN/m) 


FIG. 10.—p-y Curves for Sand 
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Finite Element cap and the piles were divided into number 
elements; the mesh consisted elements and nodes. was done 
the laboratory test, the vertical load 22.65 was first applied, and then 
the horizontal load 14.04 was applied five equal increments. The soil 
tangent modulus was updated after each load increment using Eq. and 
the relevant parameters shown Table 


Results.—The laboratory observations were obtained for horizontal load versus 
horizontal displacement point Fig. and for the distribution load 


TABLE 1.—Parameters for Ramberg Osgood Model 


E,,, kilo- kilo- 
Depth, centi- newtons per kilonew- newtons per 
meters (Fig. 10) square meter tons per meter square meter 
(1) (2) 

7.62 (z,) 
15.24 
22.86 
30.48 (z,) 
38.10 
45.72 
53.54 


Present Analysis 
(Nonlinear) 


Present Analysi 
(Linear) 


Observed 


Load (kq) 


Horizontal Deflections 


FIG. 11.—Comparison Load-Displacement Curves 


the piles the group. Therefore, first comparison between the numerical 
predictions and observations for these two factors are presented. Then typical 
numerical results for distributions load the piles bending moments and 
displacements are presented. Finally, parametric study performed identify 
the influence relative stiffnesses cap, piles, and soil the behavior 
the system. 


m 
(5) 
1.0 
1.0 
1.0 
1.0 
1.0 
1.0 
1.0 

9.0 

3.0 
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Comparisons.—Figure shows comparison between the predicted and 
observed load-displacement curves. The predicted results consist two curves, 
one for linear analysis with initial soil modulus kept constant, and the other 
for nonlinear analysis with the same value initial modulus but varying modulus 
with increasing load. The predicted and the observed results show good general 
agreement; the final displacements from the predictions and observations are 
0.0193 and 0.0224 respectively. the initial loading ranges, there exist 
wide difference. This can due errors material properties used 
define the initial modulus and the early portions the curves (Fig. 10). 
can also due experimental errors. For instance, the initial slopes the 
curves are determined the basis the coefficient subgrade reaction obtained 
using the value measured density (10), which this case was about 
104 pef (1.66 error this value can significantly influence the 
values initial moduli and the initial portions the computed load-displacement 
curves. 


- G Observed 


c 
= 

2 


10.00 15.00 


Horizontal Deflection 


FIG. 12.—Influence Initial Modulus 


Figure indicates the influence increase the value For 
instance, 50% increase its values takes the predictions the initial ranges 
closer the observations. believed that the test data for stress-strain 
and strength behavior the sand used herein and obtained during the laboratory 
tests for the pile group (7), may not sufficiently detailed and rigorous. 
more careful and detailed testing program can provide improved parameters 
for defining the p-y curves. 

Table shows comparison between loads various piles the group, 
Fig. the prediction this study, experimental observations, and predictions 
from the method and from the method proposed Reese 
al. (3,13). The predictions this study show results from both linear and nonlinear 
analyses. The predictions compare well with observations, and there 
significant difference between the four predictions. also appears that insofar 
the loads the piles are concerned, there significant difference between 
linear and nonlinear analysis. This may due the fact that the loading 


15.90 
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and the dimensions the systems are such that the induced stress level remains 
the linear range the stress-strain response. the behavior were highly 
nonlinear the applied loading were beyond the linear range, the results 
would expected show significant difference. 


TABLE 2.—Comparison Axial Load Distribution Pile Group, kilograms 


Experi- Predicted Predicted Present Predictions 
mentally Hrennikoff Reese al. step 
observed (13) 


(3) 


step 
(nonlinear) (linear) 


computer program given Bowles (3). 


H=14.04N 


FIG. 13.—Deflected Shape Pile Group (Deflections are Highly Exaggerated) 


may noted that the results from the Hrennikoff type analyses will not 
change with change the properties the pile cap. Furthermore, the stiffness 
the cap chosen appears high and consistent with the assumption 
cap the conventional procedures. shown later that the relative 
stiffness the cap can have significant influence the distribution loads. 


Pile 
8.15 7.29 6.75 7.26 6.92 
5.80 7.29 6.75 6.56 6.40 
2.95 4.30 3.81 4.42 4.58 
2.45 4.30 3.81 4.40 4.55 
1.26 0.18 0.82 0.07 0.74 
1.38 0.18 0.82 0.69 1.15 
Total 22.09 23.54 22.76 23.40 24.34 
p=22.65N 
= 
\ 
\ 
1 \ \ 
; Oriainal 
Deformed 
\ 
\ \ 
! 
H 
0 1 2 3 
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Numerical the advantages the proposed procedure 
comparison Hrennikoff’s and other previous methods, that can provide 
complete histories displacements, moments, loads, and stresses the entire 


Axial Load (N) Axial Load (N) Axial 


Nenth (r) 


Piles and Piles and Piles and 


FIG. 14.—Distribution Axial Load Pile Group 
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Depth (m) 


FIG. 15.—Distribution Moments along Piles 


foundation-structure system. Only typical results relevant the behavior 
piles are included herein. 

Figure shows the computed deflected shape the cap-pile system 
the end the total load application; appears consistent. Figures and 
show computed load distributions and moments the piles, respectively. 
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One the limitations the conventional procedures based equilibrium 
and compatibility analyses has been that they not include simultaneously 
the deformation characteristics cap, pile, and soil. order investigate 
the influence the relative stiffnesses the cap, pile, and soil, parametric 
study performed using the procedure proposed here. 

the parametric study, the values actual stiffness the cap, pile, and 
and the initial moduli soil, E,, (Table 1), and are used the basis 
the standard values. Three parametric studies were performed; each case, 
the stiffness one the components was varied around its foregoing standard 
value, whereas the properties the remaining two were kept constant. Further- 
more, the parametric study, the moduli for all the piles the group were 
assumed the same. Note that the actual laboratory tests, the piles 
had different moduli. 

Tables 3-5 show the results the parametric study for distribution loads 
the piles. The first column each case shown the values for the standard 
case given Table 


TABLE 3.—Effect Variation Soil Stiffness Distribution Axial Load Pile 
Group, kilograms: Case 


Case Variation Soil Modulus.—Here the initial moduli the Ramberg-Os- 
good model were varied; implies that although the initial shape the p-y 
curves varied, the ultimate behavior essentially the same. Increase the 
soil stiffness appears increase the load carried the battered piles and 
away from the horizontal load, decrease the load carried the neighboring 
battered piles and 3), and the loads the middle piles remain essentially 
the same (Table 3). other words, stronger soil tends throw greater loads 
the piles away from the applied load. 

Case II: Variation Pile Modulus.—Table shows the load distribution 
the piles the stiffness piles increased and the stiffness soil and 
cap are kept constant. gradual increase the pile stiffness increases the 
loads the piles the neighborhood the applied load, and decreases those 
the piles away from the applied load. fact, the piles away from the load 
are under tensile loading. 

the piles become stiffer, those near the applied (horizontal) load may 
tend into the foundation. Due the increased stiffness, the structural 
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(1) (2) (3) (4) (5) 
7.26 6.31 6.19 5.83 
6.56 6.17 6.01 5.73 
4.42 4.47 4.44 4.39 
4.40 4.47 4.43 4.36 
0.07 1.22 1.35 1.62 
0.69 1.08 1.23 1.56 
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system may tend act stiff rotating about the tips the two 
neighboring piles and thus throwing more loads their tips and causing 
tensile loads the piles opposite and 4). 

Case III: Variation Cap Modulus.—Table shows load distribution the 
piles the stiffness the cap increased while the other two stiffnesses 
are kept constant. The load distribution the pile appears quite sensitive 
the changes the cap modulus. the cap stiffness increases, there 
decrease the load carried the piles and near the load, whereas 
there corresponding increase the piles and 4). Thus, the stiffness 


TABLE 4.—Effect Variation Pile Stiffness Distribution Axial Load Pile 
Group, kilograms: Case 


pile 
(4) 


TABLE 5.—Effect Variation Plate Stiffness Distribution Axial Load 
Pile Group, kilograms: Case 


the cap can have significant influence the load-deformation behavior 
the system. 


finite element procedure used solve problems involving structural 
components such cap and piles and soil foundation. The procedure based 
integration one- and two-dimensional idealizations for pile and cap, 
and nonlinear springs for soils. 

Two typical examples are solved using the proposed procedure. Here 
the numerical predictions show satisfactory comparison with results from other 
finite element solutions and laboratory observations. appears from the results 
that the characteristics loading, structure, and soil are such that the stress 


(1) (3) 
7.26 8.11 8.26 
6.56 7.46 7.98 
4.42 4.32 4.25 
4.40 4.31 4.25 
0.07 
0.069 —0.68 
(1) (2) (3) (4) (5) 
7.26 6.64 5.35 3.88 
6.56 6.21 5.30 3.81 
4.42 4.52 4.41 4.33 
4.40 4.72 4.39 4.32 
0.07 0.80 2.01 3.36 
0.69 1.93 3.28 
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levels remain the linear range, the results from present numerical procedure 
and other methods including the Hrennikoff’s approach not differ significantly 
insofar load distribution the piles concerned. For nonlinear behavior 
the situation may different. 

parametric study performed identify the effects the changes 
relative stiffnesses cap, pile, and soil medium. This study indicates that 
the relative stiffness pile, soil, and cap can have considerable influence 
the distribution load piles pile group. 

The proposed procedure can simple use, quite economical, and 
can yield complete histories stresses, moments, shear forces, and deformations 
the entire cap-pile-soil system. 


Aschenbrenner, R., Analysis Pile Journal 
the Structural Division, ASCE, Vol. 93, No. Proc. Paper 5097, Feb., 1967, 
pp. 201-219. 

Bogner, K., Fox, L., and Schmidt, A., Generation Interelement- 
Compatible Stiffness and Mass Matrices the Use Interpolation 
Proceedings the Second Conference Matrix Methods Structural Mechanics, 
Oct., 1965. 


Bowles, E., Foundation Analysis and Design, McGraw-Hill Book Co., Inc., New 
York, N.Y., 1968. 

Desai, S., and Wu, H., General Function for Stress-Strain Curves,”’ 
Proceedings the Second International Conference Numerical Methods Geome- 
chanics, ASCE, June, 1976. 


Desai, S., Elementary Finite Element Method, Prentice-Hall, Inc., Englewood Cliffs, 
N.J., 1979. 


Desai, S., and Abel, F., Introduction the Finite Element Method, Van Nostrand 
Reinhold Co., Inc., New York, N.Y., 1972. 

Driving and Loading Tests: Lock and Dam No. Arkansas River and Tributaries, 
Arkansas, and Oklahoma, Fruco and Associates, Report, United States Army Corps 
Engineers, Little Rock, Ark., Sept., 1974. 

Haddadin, J., and Combined Footings-Analysis the Finite Element 
Journal the American Concrete Institute, Dec., 1971, pp. 945-949. 

Hrennikoff, A., Pile Foundations with Batter Proceedings, ASCE, 
Vol. 75, 1949. 

10. Reese, C., Cox, R., and Koop, D., ‘‘Analysis Laterally Loaded Piles 
Proceedings the Sixth Offshore Technology Conference, 1974. 

Reese, C., and Desai, S., Loaded Numerical Methods 
Geotechnical Engineering, Chapter Desai and Christian, eds., McGraw-Hill 
Book Co., Inc., New York, N.Y., 1977. 

12. Reese, C., and Matlock, H., Solutions for Laterally Loaded 
Piles with Soil Modulus Assumed Proportional Proceedings the Eighth 
Texas Conference the Society Soil Mechanics and Foundation Engineering, 1956. 

13. Reese, C., W., and Smith, E., Analysis Pile 
Journal the Soil Mechanics and Foundations Engineering, ASCE, 
Vol. 96, No. Proc. Paper 7032, Jan., 1970. 

14. Richard, M., and Abbot, J., Elastic-Plastic Stress-Strain 
Journal the Engineering Mechanics Division, ASCE, Vol. 101, No. Proc. 
Paper 11474, Aug., 1975, pp. 511-515. 

15. Saul, E., and Dynamic Analysis Pile Journal the 


Structural Division, ASCE, Vol. 94, No. Proc. Paper 5936, May, 1968, pp. 


The following symbols are used this paper: 


MAY 1981 


cross-sectional area; 

Young’s modulus; 

initial modulus soil Ramberg-Osgood model; 

final modulus soil Ramberg-Osgood model; 

modulus soil Ramberg-Osgood model; 

soil modulus; 

Young’s modulus pile material; 

Young’s modulus cap material; 

moment inertia; 

element stiffness matrix for beam-column element; 
element stiffness matrix for plate element; 

length element (beam-column); 

constant Ramberg-Osgood model; 

matrix interpolation function; 

matrix interpolation function for beam column; 
matrix interpolation function for and beam column; 
interpolation functions for and 

ultimate resistance soil used Ramberg-Osgood model; 
vector nodal displacements; 

vector nodal displacements beam column element; 
vector nodal displacements beam column element; 
vector nodal displacements beam column element; 
vector nodal displacements and rotations beam column element; 
vector nodal displacements plate element; 
displacement direction; 

displacement direction; 

displacement direction; 

coordinates; 

and 

rotation. 
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CONCRETE COUPLED WALLS: EARTHQUAKE TESTS 


INTRODUCTION 


The reinforced concrete coupled wall system has become popular structural 
configuration for lateral load resistance buildings. The coupled wall system 
consists two more structural walls, the same plane, connected each 
floor level short members, reinforced beams. During lateral response, 
the behavior walls and connecting beams interact, causing the behavior 
the total system differ from that either frame isolated structural 
walls. Experimental investigations the problem have been described 
Aristizabal and Sozen (1), Aristizabal, Shiu and Corely (2), and Paulay and 
Santhakumar (6). Mahin and Bertero describe extensive analyses existing 
coupled wall system (5). 

experimental study the response six-story reinforced concrete coupled 
wall systems earthquake loading presented herein. The purpose this 
paper describe the observed response the test structures, terms 
failure mechanism, deflections, accelerations, base shear and base moment, 
and examine the ability conventional calculations (based upon computed 
member strengths) predict the failure mechanism. The effect microcracking 
the initial stiffness the test structures also noted. 


Tests were performed six approximately one-twelfth scale six-story rein- 
forced concrete coupled wall test structures. Five were subjected, several times 
succession, earthquake acceleration records earthquake simulator 
and one was subjected slowly applied cyclic loading. outline the study 
shown Fig. with the maximum base acceleration for each test run being 
listed the figure. The experimental program explained greater detail 
elsewhere (see Ref. 4). 

Variable for Study.—The major variable the study was the degree coupling 
between the two piers the coupled wall, represented the strength and 
stiffness the connecting beams. Fig. the three designs tested are denoted: 
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FIG. 1.—Outline Experimental Study 9.8 


FIG. 2.—Concept Degree Coupling: (a) Perfect Coupling; (b) Coupling 
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FIG. 3.—Configuration Test Specimen 
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(1) Strongly coupled; (2) moderately coupled; and (3) weakly coupled. show 
the significance this variable, the two extreme cases perfect coupling, 
infinite strength and stiffness the connecting beams, and coupling, zero 
strength and stiffness the connecting beams, are shown Fig. along 
with the resulting distributions stress the bases the piers. the degree 
coupling effects the distribution stresses the structure and, shown 
later, can affect the failure mode the system, has the potential affect 
system response and overall system ductility. 
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FIG. 4.—Configuration Simulated Earthquake Tests 


the various characteristics the base motion applied the structure 
also has major effect upon system response, the same base acceleration record 
was applied all tests. Only the overall amplitude the accelerations was 
varied from one test run another. Except for the first three test runs for 
the strongly coupled structure, all test runs involved yielding the test structure. 

Test Structures.—The configuration one coupled wall test structure 
shown Fig. Each coupled wall consisted two piers connected 
beams the floor levels. Each test structure consisted two coupled walls 
bolted side-by-side the earthquake simulator shown Fig. simulate 
structure dead load, steel weights 2,000 (8.9 each were hung from 


Steel Weight =e 
Accelerometer. 
Vertically 
= ] = 
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the piers the levels the second, fourth, and sixth story connecting beams, 
applying concentrated loads through the center line each pier. The resulting 
dead load stresses the piers were approx 0.21 ksi (1.45 MPa). The weights 
were connected such that bending about the strong axis neither the pier, 
nor the beam, was restrained. Bending the coupled wall about its weak 
axis was restrained steel diaphragm. 


TABLE 1.—Reinforcement Properties for Test Structures 


Rein- Ulti- 
force- Yield mate Yield mate 
ment stress, stress, stress, stress, 
Degree meter, per per per per 
square square square square 
coupling inches inch inch inch inch 
(1) (2) (4) (5) (8) 
Strong 
Moderate 
Weak 


Ulti- 


Note: in. 25.4 mm, ksi 6.9 MPa. 


TABLE 2.—Concrete Properties for Each Test Structure 


Parameters 


Compressive Secant Tensile 
strength,” Strain modulus,” 
Structure kips per maximum kips per kips per 

coupling number square inch stress square inch square inch 

(1) (2) 
Strong 
Moderate 
Moderate 
Moderate 
Weak 
Weak 


“Obtained from tests 4-in. 8-in. cylinders. 

secant drawn from ksi the stress-strain relation. 
splitting tests 4-in. 8-in. cylinders. 

Note: in. 25.4 mm, ksi 6.9 MPa. 


The beam cross sections used are shown Fig. with additional reinforcement 
properties provided Table given test structure, all beams were prismatic 
and had the same cross section, with equal reinforcement areas top and bottom. 


The pier cross section, used throughout all test structures, also described 
Fig. and Table 
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Both the beams and the piers were provided with sufficient transverse 
reinforcement more than resist the shears associated with the flexural strength 
the members, assuring flexural behavior, and making the test structures 
consistent with accepted seismic design practice. Neither shear failure, nor 
diagonal crack patterns were observed during the tests. 

Measured concrete properties for each test structure are given Table 

Simulated Earthquake Tests.—The test structure shown, along with the 
earthquake simulator platform and test instrumentation Fig. The earthquake 
simulator itself described Sozen and Otani (7). Each test structure was 


Dial Gages 


Load Cell 
Hydraulic Ram 


Loading 
Pattern 


FIG. 5.—Configuration Slow Cyclic Loading Test 


subjected, several times, the north-south component the acceleration record 
measured Centro, California during the 1940 Imperial Valley earthquake. 
compatible with the effect scaling the natural frequency the 
test structure, the record was compressed time factor five. During 
each test run, the differential transformers and accelerometers, depicted Fig. 
produced continuous records displacement and acceleration. The measured 
horizontal acceleration records were multiplied appropriate masses and heights 


above the structure base obtain continuous records base shear and base 
moment. 
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Static Test.—One moderately coupled test structure was subjected slowly 
applied cyclic lateral loading. The test configuration, including instrumentation, 
shown Fig. insure the same degree base fixity the simulated 
earthquake tests, the test was performed with the structure the platform 
the earthquake simulator. The load was applied directly the weights 
hydraulic rams, the structure being loaded and unloaded through several cycles, 
well into the range inelastic response. Throughout the test, the loads 
the various rams were maintained constant ratio corresponding the shape 
the first response mode the test structure, shown the inset Fig. 

The differential transformers, shown Fig. obtained continuous records 
horizontal deflections the levels the test weights. During the initial 
portion the test, dial gages with accuracy +0.0001 in. (+0.0025 mm) 


TABLE 3.—First-Mode Frequencies for Various Cases 


FIRST MODE FREQUENCY FOR 
EACH TEST STRUCTURE, hertz 


Moderately Weakly 
Strongly Coupled Coupled 
coupled Structures Structures 
Description structure 
(2) (3) 
Calculated Entire structure un- 
cracked 
Calculated All beams cracked, piers 
completely uncracked 
Calculated All beams cracked, first 
story piers cracked, re- 
mainder uncracked 
Calculated Zero beam stiffness, piers 
completely uncracked 
Calculated Zero beam stiffness, first- 
story piers cracked, re- 
mainder uncracked 
Observed Pretest free vibration 
Observed Late test 
run 
Late final test 
run 
Observed Initial stiffness from dial 
gages (corrected for 
base movement)” 
Observed Initial stiffness from dial 
gages (uncorrected for 
base movement)” 
Observed Initial stiffness from dif- 
ferential transformers” 


“Average frequency measured over the final 2.0 sec response. 


from the initial slope the variation base moment with sixth floor 
displacement, using Eq. 
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were also used measure horizontal deflections the walls. The purpose 
the dial gages was measure the initial stiffness the test structure. 


STIFFNESS 


First mode natural frequencies for each test structure, measured various 
manners and calculated for various cases, are listed Table 

The calculated results Table were obtained idealizing the wall 
elastic frame and considering the finite size the pier-beam joints assuming 
the joints rigid. The piers were assumed fixed their bases. The 
members were considered prismatic, with flexural deformation being considered 
the beams, and flexural and axial deformations being considered the piers. 
Shear deformation was ignored. The inertial effect the weights, including 
rotational inertia, was idealized point masses located where the weights were 
connected the walls. The modulus elasticity for concrete, for each test 
structure, was that given Table 


TABLE Shear Deformations and Joint Flexibility First-Mode Frequency 
Moderately Coupled Test Structure Number 


Beam-pier First mode 
joint Shear frequency, 
Description assumption deformations hertz 
(1) (2) (3) (4) 
Entire structure uncracked Rigid Not considered 
Entire structure uncracked Flexible* Not considered 
Entire structure uncracked Flexible* Considered 
All beams cracked, first story piers 
cracked, remainder uncracked Rigid Not considered 
All beams cracked, first story piers 
cracked, remainder uncracked Flexible* Considered 


stiffnesses the piers were assumed uniform from beam centerline 
beam centerline. Beams were assumed flexible from pier edge pier edge. 


Table indicates that frequencies were calculated for several combinations 
cracked and uncracked sections. obtain the stiffness the uncracked 
section, both concrete and steel were assumed have linear stress-strain relations 
and steel was transformed into concrete. For the stiffness the cracked section, 
the stress-strain relation for concrete was considered linear compression and 
without tensile strength. For several cases, the beams were assumed damaged 
the point having zero stiffness. Measured section geometries were used 
all calculations. 

The measured initial frequencies for the test structures the simulated 
earthquake tests were obtained low amplitude, pretest-free vibration tests. 
The initial stiffness the test structure the static test was measured using 
differential transformers attached the weights, mechanical dial gages bearing 
against the walls and load cells the hydraulic rams, and was corrected for 
rotation the base the test structure. These stiffnesses were converted 
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equivalent first mode frequencies idealizing the structure responding 
completely the first mode and using the following relation for single 
degree-of-freedom system: 


which and respectively, the calculated first mode frequency and 
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FIG. Response Histories for Horizontal Displacement: Strongly Coupled 
Structure, Test Run 9.8 m/s’, in. 25.4 mm) 


stiffness (in terms base moment and sixth floor deflection) for the completely 
uncracked test structure; k,, the measured stiffness; and the first mode 
frequency equivalent k,,. 

Referring Table for the structure tested statically, the measured initial 
stiffnesses obtained three different approaches differ somewhat. That portion 
the variation not due base movement due minute slippage the 
connection between the walls and the weights. The stiffnesses obtained 
pretest-free vibration tests for the other moderately coupled test structures are 
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comparable those for the structure tested statically. The pretest-free vibration 
tests appeared fairly good measure the actual initial stiffness 
the structure. 

The frequencies measured pretest-free vibration tests were much lower 
than those consistent with completely uncracked structure. The measured 
frequencies were, most cases, comparable those calculated for the structure 
with all beams and first story pier cracked. does not appear that this result 
could have been caused the analytical assumptions completely rigid joints 
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FIG. Response Histories for Horizontal Acceleration: Strongly Coupled 


and shear deformations. This illustrated Table for the moderately 
coupled structure tested statically. evaluating the effect the assumption 
rigid joints, the piers were considered flexible over their entire lengths, while 
beams were again considered flexible only over the 4-in. (10.2-mm) span from 
pier edge pier edge. Although the change stiffness noticeable, 
means does account for the measured stiffnesses. Furthermore, there 
evidence that the structure was damaged handling, and is, fact, not 
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necessary admit such severe damage. The measured frequencies are consistent 
with structure for which all section stiffnesses are approx 0.35 times the 
computed uncracked stiffness, considering completely rigid joints and ignoring 
shear deformations. The stiffness cracked section ranged from 0.19-0.26 
times the uncracked stiffness. The results indicate the major effect that normal 
microcracking can have the stiffness properties apparently undamaged 
reinforced concrete wall system. 


Response Histories 


During each the simulated earthquake tests, continuous response histories 
were obtained from each the accelerometers and differential transformers 
shown Fig. small sample these results presented Figs. 6-11. 
These will used show the general trends the results. The complete 
results are published elsewhere (see Ref. 4). 

Displacements.—Displacement records, each three levels, for the 
test run the strongly coupled structure, are shown Fig. These are typical 
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displacements measured throughout the study. The dominance the first 
mode apparent the variation displacement from floor floor, the phase 
relations among the displacement the three levels, and the frequency charac- 
teristics the individual records. The residual displacements, apparent Fig. 
were also fairly typical the study, ranging from in. (1.3 mm) 
the initial test runs, much 0.09 in. (2.3 mm) the final test runs 
for the various test structures. 

Accelerations.—Acceleration records are shown Fig. for the test run 
the strongly coupled structure and Fig. for the test run weakly 
coupled structure. For the strongly coupled structure, the records for the fourth 
and sixth floors exhibit strong first mode components, but also contain higher 
mode component with frequency consistent with the second mode. The second 
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FIG. 9.—Sample Response Histories for Base Shear and Moment: Strongly Coupled 
Structure, Test Run 9.8 m/s’, kip 4.45 KN, kip-in. 11.30 kN-cm) 


floor acceleration contains frequency components found the base acceleration 
record. The acceleration records Fig. typical for moderately and weakly 
coupled structures, exhibited strong second mode characteristics terms 
variation acceleration with height, phase relations among the accelerations 
the various floors, and frequency content the records. 

Base Shear and Moment.—Records base shear and moment are shown 
Fig. for the strongly coupled structure, and Figs. and for the 
test run and final test run for the weakly coupled structure considered 
previously. The latter results are typical for the moderately and weakly coupled 
structures. all cases, the base shear exhibited strong higher mode component, 
consistent frequency level with the second mode. For each case, the base 
moment also exhibited second mode component, although not nearly strongly 
the base shear. general, the moderately and weakly coupled structures 
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exhibited stronger second mode components base shear and moment, for 
given maximum base acceleration, than did the strongly coupled structure. 
Meanwhile, for given test structure, the second mode component was stronger 
during the later, higher intensity, test runs. Thus, the contribution the second 
mode increased with decrease structure stiffness. mentioned previously, 
the same base motion was used for all test runs, only the overall amplitude 
being varied, the frequency content the base motion being potentially strong 
factor the relative strengths the response modes. 


The failure mechanism, along with its associated base shear and moment, 
was predicted for each the three designs test structures direct calculation 
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from measured material properties and structure geometry. 

Stress-strain relations, for each size reinforcement, were obtained from 
number samples wire from the same batch that used the test 
structures, while stress-strain relations for the concrete for each test structure 
were obtained from standard 4-in. 8-in. (102-mm 203-mm) cylinders, cast 
from the same batch the test structure. Parameters are listed Tables and 
The measured material properties were then idealized into the forms shown 
Fig. 12. The parabola used for the concrete was that due Hognestad (3). 


TABLE 5.—Section Properties Connecting Beams for Each Test Structure 


Curvature 
Cracking Yield Maximum maximum 

coupling number kip-inches kip-inches kip-inches 


(1) (2) (3) (4) (5) 


Strong 
Moderate 
Moderate 
Moderate 
Weak 
Weak 


Maximum 
Tension 


Flexural 
Hinges 


(b) Strongly Coupled Structure Moderately and Weakly 
Coupled Structures 


FIG. 14.—Failure Mechanisms for Test Structures: (a) Loading; (b) Computed Failure 
Mechanisms 


Using standard reinforced concrete theory, the moment-curvature relations 
for the beams each structure were computed. For the piers, moment-curvature 
relations were computed for several values axial load, and moment-axial 
load interaction diagrams were computed for several values maximum concrete 
strain. Measured section dimensions were used throughout. The calculated 
relations are shown Fig. 13, with parameters for each test structure being 
listed Table 


(6) 
0.31 2.6 3.4 0.05 
0.171 0.49 0.78 0.09 
0.185 0.50 0.78 0.09 
0.163 0.50 0.78 0.08 
0.171 0.30 0.48 0.08 
0.20 0.30 0.46 0.08 
Note: kip-in. 11.30 kN-cm, in.~' 0.394 
5Qg 
Py U Py 
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The test structure was considered subject concentrated horizontal 
loads the levels the weights, the second, fourth and sixth floor levels. 
These loads were assumed ratio corresponding the calculated 
shape the first mode the completely uncracked structure. This shown 
Fig. For each test structure, the load parameter Fig. 14, was 


TABLE 6.—Maximum Measured Responses and Calculated Strengths for Test Struc- 
tures 


Moderately Weakly 
Coupled Coupled 


Structures Structures 


coupled 
Description structure 


(1) (2) (3) 


Base moment, Calculated failure 
kip-inches mechanism, beams 
yield 
Calculated failure 
mechanism, beams 
maximum mo- 
ment capacity 
test run, first-mode 
response 
test run, total re- 
sponse 
Final test run, total re- 
sponse 
Slow cyclic loading 
Base shear, Calculated failure 
kips mechanism, beams 
yield 
Calculated failure 
mechanism, beams 
maximum mo- 
ment capacity 
test run, first-mode 
response 
test run, total re- 
sponse 
Final test run, total re- 
sponse 
Slow cyclic loading 


shear and moment are for one coupled wall (one-half test structure). 
Note: kip-in. 11.30 kN-cm, kip 4.45 KN. 


calculated for several different mechanisms. That mechanism producing the 
lowest value for O,, was taken the failure mechanism. The mechanisms 
obtained for the strongly coupled structure and for the moderately and weakly 
coupled structures are shown Fig. For the latter mechanism, two subcases 
were taken, one with beams yield and one with the beams their maximum 


1.8 1.1 1.1 1.1] 0.9 
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moment capacity. The calculated base shears and moments for one coupled 
wall (one-half test structure) are listed Table 

The variation failure mechanism with degree coupling, indicated Fig. 
14(b), could have major implications for structure response during earthquake. 
The failure mechanism for the strongly coupled structure (involving failure 
direct tension the base the piers and little beam damage) could have 
considerably less ductility and considerably lower capacity dissipate the energy 
input the earthquake than the failure mechanism for the moderately and 
weakly coupled structures (involving flexural failure the beams and flexural 
failure the piers under more moderate axial loads). the latter instance, 
not only larger portion the structure involved dissipation energy, 
but the mode energy dissipation potentially more favorable. 


The ability the calculated mechanisms predict system behavior was 
determined comparison with experimental results. 

General Observations.—The cracking and spailing patterns observed during 
the tests corresponded well the calculated failure mechanisms. 

The strongly coupled test structure exhibited extensive destruction the 
pier bases with very little cracking the beams, and apparent yielding 
the beams. 

The moderately and weakly coupled test structures exhibited yielding the 
bases the piers and ends the beams. After the first test run, each 
these structures exhibited fine cracks the ends the beams and, either 
visible cracking, cracks visible only with the help detection fluid, 
the bases the piers. the end the second test run, these structures 
exhibited crack widths 0.03 in. (0.8 mm) the ends the beams and 0.02 
in. (0.5 mm) the bases the piers. 

Frequency.—As described earlier this paper, the first mode frequencies 
the test structures were computed for various combinations beam and 
lower pier damage. Results are given Table The calculated collapse 
mechanism for the moderately and weakly coupled structures corresponded most 
closely the case for zero beam stiffness and first story pier cracked. The 
late frequencpes, defined Table for the test runs, compare well 
with this case. The late frequencies for the final test runs are somewhat lower, 
indicating somewhat more pier damage. 

Deflected Shapes.—The measured variation horizontal deflection with height 
shown Fig. for specific time during the test run the strongly 
coupled structure and during the test run and final test run for weakly 
coupled structure. These shapes are typical those observed during high 
amplitude response throughout the study, and indicate concentration rotation 
below the second floor level. was determined from measurements base 
movement during the static test and measurements the allowances the 
weight-to-specimen connections that the deflection due horizontal base 
deflection, base rotation and weight slippage could not have been more than 
0.03 in. (0.8 mm), not enough account for the observed concentration 
rotation. This observation, along with the observed damage distribution, men- 
tioned previously, indicated flexural yielding the lower portion the piers. 
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Structure compare the calculated collapse mechanism with 
experimental results terms structure strength, was necessary identify 
experimental results that were valid measurements structure strength. The 
purpose Fig. identify strength-indicative experimental results. 

The variation base moment with sixth floor displacement measured during 
the first cycle the static test shown Fig. 16(a). The structure yielding, 
apparent the moment-deflection relation, indicates that the maximum observed 
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FIG. 16.—Observed Variations Base Shear and Moment with Horizontal 
(a) Slow Cyclic Loading; (b) Simulated Earthquake Tests kip 4.45 KN, kip-in. 
11.30 kN-cm, in. 25.4 mm) 


base moment this test measure the strength the moderately coupled 
test structure. 

indicator structure strength was also obtained from the response histories 
measured during simulated earthquake tests. Fig. used illustrate this. 
Each data point the figure corresponds one test run under earthquake 
base motion, and plotted correspond the maximum base shear moment 
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observed during the test run and one-half the maximum sixth floor double 
amplitude displacement observed during the test run. The maximum double 
amplitude displacement represents the greatest difference between adjacent 
positive and negative excursions, eliminating the effect residual displacement. 
The points are identified with respect base shear, base moment, and test 
structure design the note the figure. Points along given curve the 
figure represent successive test runs applied particular test structure. Finally, 
the maximum shear moment and maximum displacement represented 
particular data point the figure occurred the same instant. For the moderately 
and weakly coupled test structures, the second test run involves much greater 
deflections than the first, accompanied little increase base moment. The 
structure has yielded. The base moments associated with these first test runs, 
involving maximum base accelerations approx are measures structure 
strength. For the strongly coupled structure, the yielding apparent, though 
not quite pronounced. The test run with maximum base acceleration 
approx the fourth test run. For each test structure, the maximum base 
shear and moment for the test run will compared with strengths calculated 
for the failure mechanisms. 

mentioned earlier, the failure mechanisms were computed for first mode 
loading. However, the shears and moments Fig. contain higher mode 
components significant magnitude. obtain valid strength comparison, 
Fourier analysis techniques were used separate the portion the base shear 
and moment associated with frequency components below Hz, the domain 
the first mode, from the portion associated with frequency components above 
Hz. 

The base shears and moments, for one wall, corresponding the calculated 
failure mechanisms, are listed, along with measured maximum base shears and 
moments, Table 

For the strongly coupled structure, the maximum base shears and moments 
for the first mode portion the test run compare well with the calculated 
failure mechanism. For the moderately coupled structures, the preceding true 
for the collapse mechanism with beams yield. This not the case, however, 
for the weakly coupled structures. Due the reduced steel ratio the beams, 
the calculated shears and moments associated with the failure mechanism are 
lower than for the moderately coupled structures. The measured maximum shears 
and moments not reflect this. appears that the calculations underestimate 
either the contribution structure strength the pier base the effect 
strain hardening reinforcement the beams. 

The maximum base shears and moments measured during the final runs 
the various tests not, general, compare well with the calculated collapse 
mechanisms. For the base shears, large portion this discrepancy represents 
the second mode. This contribution apparent even the total observed response 
for the test run. For the base moments, similar comment can made. 
Except for the base moment for moderately coupled structure which does 
compare well with the failure mechanism with beams maximum moment 
capacity, the maxima corresponded spikes associated with higher mode 
components the response histories. The overall base moment levels are 
consistent with the collapse mechanisms with beams maximum moment 
capacity. example this the base moment Fig. 11. 
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The maximum base shears and moments measured during the static test were 
consistent with the calculated failure mechanism with beams maximum moment 
capacity. 

The high base shears and moments, examined the foregoing, associated 
with the second mode, were the result spikes the measured acceleration 
records. could argued that these spikes acceleration were such 
transient nature that actual member deformations, and therefore internal forces, 
were not great implied the forces computed from the acceleration 
peaks. The structure may not have actually experienced the indicated shears 
and moments. 

The piers for all test structures were provided with uniformly distributed 
horizontal reinforcement ratio 1.1%. Applying the truss analogy, the 


shear capacity, V,, one coupled wall, considering only reinforcement, was 
computed from: 


which area horizontal reinforcement particular level the 
pier; effective depth the pier; spacing horizontal reinforcement 
the pier; and the factor two accounts for two piers coupled wall. 
The shear capacity, V,, was computed 6.0 kips (26.7 This considerably 
excess the maximum measured shear 3.5 kips, associated with spikes 
the second mode response. Indeed, case was shear failure observed. 
However, neither were the diagonal crack patterns commonly associated with 
high shear. Although several very short inclined cracks were observed using 
detection fluid, these were very sporadic, and several specimens had such 
cracks. Never was the intersecting pattern shear cracking under cyclic loading 
observed. However, referring Table the maximum base shear for the final 
test runs ranged from 2.3 kips. For approximate concrete compressive 
strength, f’, 4.5 ksi (31.1_MPa), these represented average shear stresses 
the pier section 2.5 likely that the test structure 
did not fully experience the high base shears computed from the spikes 
the measured second mode acceleration records. 


Summary 


experimental study the seismic response reinforced concrete coupled 
wall systems described. The study included tests under simulated earthquakes 
and under slowly applied cyclic loading. The experimental results are compared 
with structure stiffnesses, and failure mechanisms computed using conventional 
approaches. 

The following general observations, concerning coupled walls, were drawn 
from the comparisons: 


Normal microcracking concrete reduced the initial stiffness significantly 
below that predicted linearly elastic analysis and completely uncracked 
sections. 


Under seismic loading, the second response mode had major effect 
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the magnitude the base shear, but not such major effect deflections 
and base moment. 

Under seismic loading, with base motions identical frequency composi- 
tions, the contribution higher modes, relative total response, increased 
strength and stiffness the connecting beams, and therefore structure stiffness, 
decreased. 

The strength and stiffness the connecting beams affected the distribution 
damage characterizing the failure mechanism, and such, has the potential 
affect the capacity the structure for ductility and the ability the structure 
dissipate the mechanical energy input earthquake. 

The failure mechanism, determined conventional analyses, was reasona- 
bly successful predicting the strength the structure terms base moment 
capacity. Due the effect the second mode, measured base shears exceeded 
those consistent with the failure mechanism. However, there some question 
whether the structure actually experienced these high shears. 
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CONCRETE COUPLED WALLS 


The following symbols are used this paper: 


area horizontal reinforcement particular level pier; 

effective depth pier; 

calculated first mode frequency for completely uncracked structure; 
compressive strength concrete; 

first mode frequency corresponding structure stiffness, 
ultimate strength reinforcement; 

yield strength reinforcement; 

tensile strength concrete; 

calculated stiffness, terms ratio base moment and sixth floor 
deflection, for completely uncracked test structure; 

initial stiffness structure obtained from measured ratio base 
moment sixth floor deflection; 

maximum section moment for connecting beams; 

section moment, for connecting beams, corresponding tensile yield 
reinforcement; 

axial force pier section; 

concentrated dead load applied pier; 

lateral load parameter; 

lateral load parameter corresponding failure mechanism; 

spacing horizontal reinforcement pier; 

shear capacity coupled wall, considering only reinforcement; 

for section, concrete strain level maximum compression; 

strain concrete corresponding attainment compressive strength, 

strain reinforcement corresponding onset strain hardening; 
strain reinforcement corresponding attainment ultimate 
strength, 

strain reinforcement corresponding attainment yield strength, 

strain concrete corresponding attainment tensile strength, 
and 

section curvature corresponding maximum moment, 
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AREA-DEPENDENT PROCESSES FOR STRUCTURAL 
Loaps 


INTRODUCTION 


The safe and economical design buildings requires knowledge the 
loading environment which individual structures will subjected during 
their lifetime. While the precise loads cannot known with complete certainty, 
possible model the loads for design purposes probabilistic manner 
which accurately reflects the stochastic nature those loads. This paper extends 
previously developed models building live loads include more realistic 
representation extraordinary loading situations and detailed study the 
variation load with contributory area. While live loads may general 
defined any loads produced the use and occupancy the building (2), 
only nonpermanent gravity floor loads arising during the service life the 
building will considered here. 


Live Process 


General.—The live load process produces the time-varying live load acting 
given floor area during the building’s lifetime. desirable model 
this process with terms relating physically meaningful loading environment. 

relatively simple, realistic model the floor load process based 
sustained load, representing items normally associated with the intended use 
space, and extraordinary load represent unusual events overloading 
(12,17). 

Sustained Load.—The instantaneous sustained load, that load reported 
live load survey building and expressed units load per unit 
area. extensive review survey data (8) has substantiated the use 
gamma probability distribution for the magnitude. The mean assumed 
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independent floor area, but the variance not (12): 


which mean; and and experimentally determined parameters. 
and are independent the area, then Eq. describes spatially 
independent process. 

Since the actual sustained load not uniform over given floor area, the 
load effect structural member will have greater variance than that obtained 
assuming uniform load. This increase depends the influence surface for 
particular load effect and only alters the second term Eq. (20). The 
equivalent uniformly distributed instantaneous sustained load, follows the 
gamma probability distribution with parameters 


which function particular influence surface. Using simple, 
approximate polynomial influence surfaces (3), has been shown that value 
2.2, which corresponds column load effects, sufficiently accurate 
for design purposes (12,17). 

Utilizing the office survey data Culver (10), has been determined (12) 
that for load pounds per square feet, and area square feet, about 
250 times larger than Using this substitution and dividing Eq. Eq. 
one obtains 


Var(u) 


The office survey data Mitchell and Woodgate (18) were used study 
the variation Var with floor area (9). excellent fit for offices above 
the first floor was found with the following relationship: 


(4:)" 


which Var the variance the instantaneous sustained load some 
reference area, A,. Eq. indicates that the load not really spatially indepen- 
dent process (it would the exponent were 1.0 rather than 0.51), and thus, 
and and are not independent area. Substituting Eq. 
into Eq. gives the resulting form for the variance the equivalent uniformly 
distributed instantaneous sustained load 
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which 2.2 has been assumed. The basic relationship given Eq. 
will assumed valid for occupancies other than just offices, and for simplicity, 


(u) (2) 
2 
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will referred simply the sustained load. 

Maximum Sustained Load.—For design considerations one interested 
the maximum sustained load during specified design lifetime. has been 
proposed (12,17,20) that this obtained assuming that the sustained load 
constant within given occupancy, and then independent gamma realization 
the start new occupancy. Although the independence assumption would 
not valid only part given contributory area undergoes occupancy 
change, this simpler model has been shown adequate (12,17). 

Changes occupancy are assumed Poisson occurrences (18), the 
holding time exponentially distributed. The approximate cumulative function 
for the maximum sustained load, L,, may derived (20) 


which the cumulative function the instantaneous sustained load. 
The parameter the average rate occupancy changes; and the period 
over which the maximum sustained load sought (for the lifetime maximum, 
would the structural design lifetime). For high cumulative levels, Eq. 


Ellingwood and Culver (12) evaluated Eq. two different points, matching 
extreme value distribution 0.923 and 0.992 (corresponding cumulative 
levels 0.99 and 0.999). This enabled them compute mean and 
variance that when used Type model gave good agreement for high cumulative 
levels. McGuire and Cornell (17) followed the same procedure but used Eq. 
and cumulative levels 0.9 and 0.99. 

Recent studies (6) have indicated that present design levels are much closer 
the mean the maximum sustained load over the structural design lifetime 
(usually yr) than upper cumulative level such 0.9. Therefore, 
was decided obtain the complete distribution indicated Eq. and 
numerically integrate the probability density function obtain the mean and 
variance (5). The mean rate occupancy changes, v,, was taken 0.125, 
corresponding office data (18), and lifetimes were yr, yr, yr, and 
100 yr. The mean and variance the sustained load were selected from the 
work Ellingwood and Culver (12) and McGuire and Cornell (17), that 


direct comparison could made with their results. The mean and (area-depen- 
dent) variance 
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14,300 3,048,000 
for the Ellingwood and Culver data, and 
3,859,000 


for the McGuire and Cornell data. 
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The results are shown Table for design lifetime yr. can 
seen that the numerical integration procedure results only minor changes 
the simpler two-point cumulative fitting procedure. Similar results were 
observed for the other lifetimes. 

Eq. which was first proposed Peir and Cornell (20), actually only 
asymptotically exact for high cumulative levels since based Poisson 
occurring upcrossings given load level. exact expression may obtained 
noting that there are exactly independent, identically distributed sustained 


TABLE 1.—Lifetime Sustained Load Statistics for 64-yr Lifetime psf 47.9 Pa; 


ELLINGWOOD AND CULVER DATA, MCGUIRE AND CORNELL DATA, 
pounds per square feet pounds per square feet 
Area, 
square Integration Fitting 


feet 


loads during given design lifetime, the cumulative distribution function 
the maximum sustained load given 


the case random number, sustained loads, the theorem total 
probability yields 


which P,(n) probability mass function the number sustained loads 
during reference period, Assuming Poisson occurring sustained load changes, 
with mean rate, v,, Eq. becomes 


(v,T)""' 
n=l 
changes. Eqs. and were compared for the office data Ellingwood 
and Culver (12) for 64-yr design life (which provides, the average, eight 
occupancy changes). Fig. contains the mean and standard deviation the 


(1) (4) (5) (7) (9) 
200 27.3 13.2 28.3 11.4 
400 23.8 9.9 25.2 24.3 10.2 25.9 8.3 
800 21.6 7.9 23.2 5.9 
1,000 21.2 7.7 22.7 5.6 
1,600 20.1 6.6 21.6 4.6 
2,000 20.2 6.8 21.6 
3,200 19.2 5.9 20.7 4.0 
5,000 19.6 6.3 20.0 4.7 
6,400 18.7 5.5 20.1 3.7 
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Mean 
Standard Deviation 


2000 3000 


Influence Area, ft? 


FIG. and Standard Deviation Maximum Sustained Loads Exact (Eq. 
16) and Approximate (Eq. Relations psf 47.9 Pa; 0.093 


64-yr maximum sustained loads obtained numerical integration the two 
equations. can seen that the approximate approach (Eq. yields results 
very similar those from the exact equation (Eq. 16). 

Extraordinary Load.—The model for extraordinary loads based Poisson 
occurring independent events, each negligible duration. During each event 
assumed that people are gathered into groups, the number which 
spatial Poisson process with area-dependent mean, designated This 
the same model adopted McGuire and Cornell (17) and Ellingwood and Culver 
(12). Defining the weight one person, and the number people 
per group, the mean and variance single extraordinary event, expressed 
units load per unit area, are (17) 


Var 


which previously, converts the load equivalent uniformly distributed 
value; and the total area. The terms o,,, and represent the 
means and standard deviations the weight single person and the number 
people one group, respectively. The probability density function 
single extraordinary event assumed gamma (17), and the characteristics 
the maximum extraordinary event during any reference period may obtained 
approximately from relation analogous Eq. 


Total Load Model.—For design purposes one generally interested the 
maximum load over reference lifetime. Although many models have recently 
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been developed for the estimation the maximum combined load processes 
(see e.g., Refs. 11, 13, 16, 23), the simple procedure proposed Chalk 
and the second writer (6) sufficient for the live load process model used 
here. The lifetime maximum load considered have compound Type 
extreme value distribution weighted the probability that the lifetime maximum 
total load occurs from the lifetime maximum sustained load with the largest 
extraordinary load during that occupancy, the lifetime maximum extraordinary 
load with the corresponding sustained load, the simultaneous occurrence 
lifetime maxima for both components. The model neglects the likelihood 
the maximum total load occurring when neither component maximum. 

Rather than compute the statistics the maximum sustained load from 
(and the extraordinary load analogously), simple, approximate results 
developed Wen (22) are used. The mean and standard deviation the maximum 
repeated, independent, gamma-distributed random variables are 


which and the mean and standard deviation single gamma variable. 
Wen (22) has shown comparison with simulation results that Eqs. and 
are conservative, but generally more than 10%. 

Simulation.—In order verify the assumptions the previous section, 
simulation the total load process was made for several different building 
occupancy types (14). Sustained loads were generated from the gamma distribution 
and durations from the exponential. The maximum extraordinary load during 
each sustained load duration was generated directly from Type extreme 
value distribution. some cases, individual extraordinary loads were also 
generated from the gamma distribution with occurrence intervals from the 
exponential, and the largest extraordinary load during one occupancy duration 
noted. The difference results between these two approaches was seen 
very minor. 

Input parameters for the simulation are shown Table The mean and 
standard deviation, and the sustained load are derived from survey 
data (6). The mean rate occurrence sustained load changes, v,, taken 
from survey data (18), published statistics (21) and personal interviews. The 
mean and standard deviation, and the extraordinary load are from 
and using data from Ellingwood and Culver (12) and Chalk and 
the second writer (6), the mean occurrence rate, Reference areas 
are intended approximate typical room typical structural bay, depending 
the occupancy, and value 2.2 has been incorporated. Lifetimes 
are for all occupancy types. 

For each simulated lifetime the maximum sustained, extraordinary, and total 
loads are recorded, along with the particular combination that formed the 
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maximum total load. For each occupancy type Table 1,000 simulated lifetimes 
were generated, which sufficient produce 95% confidence limits the 


mean and standard deviation the lifetime maximum load less than 
psf (47.9 Pa). 


Refer- Extraordinary Load 
area, pounds pounds pounds pounds 
Building per per per per 
occupancy square square square square square 
type feet feet feet feet feet 


(1) (2) (3) (4) (6) (7) 
Offices 
Hotel rooms 
Residential: 
Owner occupied 
Renter occupied 
Commercial: 
First floors 
Upper floors 


School classrooms 


TABLE 3.—Simulation and Model psf 47.9 Pa) 


in 


pounds pounds pounds pounds pounds pounds 
per per per per per per 

square square square square square square 
feet feet feet feet 


Building 
occupancy 
type 
(1) 
Offices 

Hotel rooms 
Residential: 
Owner occupied 
Renter occupied 
Commercial: 
First floors 
Upper floors 
School classrooms 


Table presents comparative results the model and the simulation. 
can seen that the model quite accurate and generally slightly conservative. 
This latter feature function two factors. One that Wen’s approximation 
(22), Eq. 19, somewhat conservative. The other that the model ignores 


(8) 

1.0 

20.0 

1.0 

1.0 

4.0 

4.0 

Sim- Sim- Sim- Sim- Sim- 

ula- |Mod-| ula- ula- ula- |Mod- Mod- 
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the statistically lower lifetime total loads occurring when neither the extraordinary 
load nor sustained load maximum. Table indicates the mean maximum 
total load according each the four combinations possible, and the fraction 
time each combination actually produced the maximum total load. The value 
(L, refers the lifetime maximum sustained load, plus the largest 
extraordinary load during that sustained occupancy, The value 
indicates the lifetime maximum extraordinary load, plus the sustained load 
acting that time, The value (L, the simultaneous occurrence 
the two maxima. Finally, ‘‘other’’ includes all lifetimes for which the maximum 
total load occurs when neither component maximum. The first three cases 
are included the model weighted manner, while the fourth case neglected. 


TABLE 4.—Total Load Combinations from Simulation psf 47.9 Pa) 


Building 
occupancy square 
type feet 
(1) (2) 
Offices 
Hotel rooms 
Residential: 
Owner 
occupied 
Residential: 
Renter 
occupied 
Commercial: 
First floors 
Commercial: 
Upper floors 
School 
classrooms 


can seen that the fourth case associated with somewhat lighter loads 
the average. 


The extraordinary load model has represent every kind live load not 
accounted for the sustained load model. The nature these remaining loads 
actually not single process, but more likely collection unique 
events and number irregular repeating processes. 

order account for certain amount the variety and complexity 
the extraordinary loads and relate the parameters more physically meaningful 
events, model combining three separate load processes introduced. Each 


Mean, Mean, Mean, Mean, 
pounds pounds pounds pounds 

Asa per Asa per Asa per Asa 

frac- |square| frac- |square| frac- |square| frac- 

tion feet tion feet tion feet tion 

(3) (4) (5) (6) (7) (8) (9) 

0.30 49.1 0.41 57.2 0.17 44.2 0.12 

0.07 45.2 0.73 47.1 0.10 40.3 0.10 
0.17 35.0 0.54 38.3 0.21 31.7 0.08 
0.15 34.0 0.59 42.2 0.04 30.3 0.22 

0.33 56.2 0.31 63.0 0.05 52.3 0.31 

0.74 49.7 0.06 61.6 0.05 45.5 0.15 

0.17 33.8 0.37 38.9 0.01 31.4 0.45 
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the load processes modeled random number loads each 
several groups previously described. The first the extraordinary loads, 
referred remodeling load. This load results from moving furniture 
from one area another. The second load, E,, due unusual gatherings 
people, similar the earlier model. The third, also due gatherings 
people, but accounts for larger groups that occur less frequently, perhaps 
under emergency-type situations. assumed that there possibility 
simultaneous occurrence two three the extraordinary loads. 

The combination these loads accomplished through expression 
developed Wen (22) giving the following cumulative function, F,, for the 
maximum extraordinary load, which the largest load due E,, E;, 
any combination the three loads acting together, over time period, 


3 


3 3 


ij=t 


the simultaneous occurrence and and complementary cumulative 
the simultaneous occurrence E,, E,, and E,. 

Each extraordinary load assumed gamma distributed and independent, 
and the simultaneous occurrences are assumed Gaussian (15). For time 
periods one sustained occupancy the building lifetime, F,(/) assumed 
Type extreme value cumulative. The various parameters the 
extraordinary load are somewhat arbitrary view the lack data such 
events, but trial values have been selected based engineering judgment. For 
all occupancies, the durations are assumed follow uniform distribution, 
with mean values weeks for E,, for E,, and min for These 
durations are short enough with respect mean sustained load durations that 
the extraordinary loads may still considered point processes when combining 
with the sustained load for lifetime total statistics. The mean number groups 
for all extraordinary loads taken from the following expression Ellingwood 
and Culver (12) for areas greater than 400 (37.2 


6.3 0.585 


For areas less than 400 (37.2 the expression Ellingwood and Culver 
was not used because implies reversal the trend group size with 
area. Instead, linear interpolation was employed from 6.24 400 

The extraordinary load considered the result moving the furnishings 
from one area into another while the first area painted remodeled. The 
parameters are chosen reflect this letting the total extraordinary 
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TABLE 5.—Extraordinary Load 


Building 
occupancy 
type 
(1) 

Offices 
Hotel rooms 
Residential: 
Owner occupied 
Renter occupied 
Commercial: 
First floors 
Upper floors 
School classrooms 


Commercial 


a 

to] 


School Classrooms 


Offices 


~Hotel Rooms 


Residential 
4000 6000 8000 


Influence Area, tt? 


FIG. 2.—Mean Lifetime Maximum Total Loads Utilizing Multiple Extraordinary Load 


load given area equal the total weight furnishing the same area, 


which the mean number load cells area, A,, which the 
reference area for the particular occupancy type being considered (values for 
can found Table 2); the mean survey load, which includes 
normal personnel loads; and the personnel load, which assumed vary 
from 1.0 psf-1.7 psf (48 Pa-81 Pa). The rate occurrence for chosen 
yield between remodeling, except the case renter occupied 


residences, where assumed that remodeling will generally performed 


force force force force force 
(2) (3) (4) (5) (6) 
500 150 150 150 
142 150 150 
175 150 150 
150 150 150 
222 150 150 
100 
A P) 
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while the area unoccupied, taken zero. The parameters for 
are those given Chalk and the second writer (6) and used the previous 
section. For E,, my, taken 150 (667.5 N), the case for E,, 
and taken 10. These values give load psf (1,198 Pa) 
for area 200 (18.6 The rate occurrence for taken 
that such events occur more than several times during the structural 
lifetime. Table lists all the extraordinary load parameters for the several 
occupancy types. 

The statistics the complete extraordinary load are determined using 
the parameters from Table Eq. 22. The sustained load statistics are found 
Table except for Var (L), which function influence area and can 
determined from Eq. with Eq. and and taken from Table 
These statistics are combined the total load model described previously 
arrive the lifetime maximum total load function influence area. The 
results are presented Fig. where the subdivisions residential and 
commercial occupancies have been combined because they were practically 
indistinguishable. The parameters selected for the multiple extraordinary model 
increase the maximum total loads somewhat comparison the single extraor- 
dinary model. 


Comparison with 


interesting compare the results the model described the previous 
section with the design loads found model codes. This will done for 
the three occupancy types for which the selected model parameters are felt 
have somewhat more data base: offices, hotels, and commercial (upper 
floor) areas. Code values are based engineering judgment and previous 
experience well theory, and therefore not clear which results should 
considered 

Figs. 3-5 present the comparisons between the mean lifetime maximum total 
loads developed here (shown solid lines) and various code formulations. 
The curves labeled NBCC are the design values from the 1977 National Building 


pound- per per per 

force year year year 
(7) (14) (15) (16) 
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Code Canada (19). Since the code based tributary area rather than 
influence area, two sets curves are shown. The tributary area half the 
influence area for flexural members and one-fourth the influence area for columns 
(17). The curves labelled ANSI-72 are from the 1972 edition the American 


(a) Beams 


ANSI- 
NBCC 
ANSI 
CEB 


Load, psf 


4000 6000 


Influence Area, 


(b) Columns 


Load, psf 


4000 6000 8000 


Influence Area, 


FIG. 3.—Model and Code Loads for Offices psf 47.9 Pa; 0.093 
(a) Beams; (b) Columns 


National Standards Institute (1), and these are also based tributary area. 
The curves shown CEB are the mean lifetime maximum values developed 
the Comité Européen Béton (7), and are based tributary area. The 
curves labelled ANSI-80 are the values appearing the 1980 (draft) edition 
the American National Standards Institute (2). These were obtained primarily 


100 
rei 
100 
ANSI-72 
2000 10000 
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fitting simple curve the mean lifetime maximum total load for offices 
(5). Dividing this fitted curve the basic design load [50 psf (2,400 Pa)] 
for offices provided reduction multiplier applied other occupancies. 


ANSI-72 
NBCC 


Load, psf 


4000 6000 


Influence Area, ft? 


FIG. 4.—Model and Code Loads for Hotel Rooms psf 47.9 Pa; 0.093 


a 

a 


4000 6000 


Influence Area, 


FIG. and Code Loads for Upper Floor Commercial Areas psf 47.9 


Fig. also contains the mean lifetime maximum total office load obtained 
Ellingwood and Culver (12), labeled 


For all these occupancies, the NBCC values are high relative other curves. 


ST5 
100 
100 
be 
80 —- 
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The difference, however, only dramatic for commercial use, for which the 
National Building Code Canada requires the same design load for upper 
floors does for first floors. The ANSI-72 curves tend below other 
approaches the region intermediate influence areas and good agreement 
elsewhere. should noted that the maximum ANSI-72 reductions shown 
are only permitted when the dead load live load ratio exceeds 1.6. The 
remaining curves all tend quite closely grouped, except for the assumed 
constant CEB value for commercial occupancy. 


Several simplifications computing lifetime maximum total loads have been 
shown simulation reasonable. multiple extraordinary load model 
has been introduced more realistically the physical loading processes. 
Although the expanded model allows parameters selected more 
meaningful realistic basis, the values utilized this paper primarily reflect 
engineering judgment due present lack substantial data base. The 
introduction finite duration for the extraordinary loads expands the useful 
scope the model include load duration statistics for creep and settlement 
computations. 

Computed lifetime loads have been seen general agreement with 
code values. However, increase available data, especially for the extraordi- 
nary loads, definitely required for further verification. 
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area, influence area; 
parameter for determining statistics maximum load; 
d,,d,,d, mean duration extraordinary loads; 
single equivalent uniformly distributed extraordinary load; 
uniformly distributed instantaneous sustained load 
(referred sustained load); 
maximum extraordinary load; 


maximum extraordinary load during one sustained load; 
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lifetime maximum sustained load; 

lifetime maximum total load; 

number load changes repetitions; 

number items single extraordinary load group; 
structural design lifetime other reference duration; 
instantaneous sustained load (referred survey load); 
weight single item extraordinary load group; 

load effect influence statistic; 

mean number extraordinary load groups; 

mean rate occurrence extraordinary load; 

mean rate occupancy change; 

mean rate occurrence and E,; 

variance sustained load for large areas; and 
experimentally determined constant for variance load. 
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BEHAVIOR RESTRAINED 
R/C 


Prakash and Anantharamaiah 


INTRODUCTION 


Reinforced concrete skew slabs find extensive application bridges and 
possible application building floor systems. The present state knowledge 
with regard the analysis and design reinforced concrete skew slabs 
limited the yield line load only, whereas more extensive study has been 
done respect rectangular slabs. 

knowledge the behavior skew slabs beyond the yield line load 
useful the ultimate limit state design such slabs. Keeping this view, 
investigation has been undertaken the Indian Institute Science the 
strength, deflection, and cracking skew slabs restrained/simply supported 
all the edges, and the analytical and experimental results regarding the 
load-deflection behavior restrained skew slabs presented this paper. 
Results the investigation regarding the estimation crack widths reinforced 
concrete skew slabs have been already reported (3). 

Clamped skew plate has been analyzed various mathematical methods 
including the Ritz method, the Galerkin method, the Lagrangian multiplier method, 
the collocation method, the conformal mapping technique, and the Fourier series 
method. Obtaining exact solutions closed form difficult because the 
shape; therefore approximate solutions have been obtained many research 
workers. Notable among them are Favre (1942), Lardy (1949), Mirsky (1951), 
Komatsu (1955), Quillan (1962), Ota and Hamada (1963), Morley (1963), Gerard 
(1964), Warren (1964), Conway (1965), Kennedy Iyengar and Sriniva- 
san (1967), and Iyengar, al. (1971). However, the applicability these methods 
solution reinforced concrete skew slabs limited the cracking load 
only. For reinforced concrete skew slabs, the yield line load has been determined 
using the yield line analysis developed Johansen; the study Gangopadhyay 
and Jenkins (4) one such attempt. 

Tests conducted rectangular and circular reinforced concrete slabs indicate 
that slabs are capable carrying load more than that predicted the yield 
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line theory. This enhancement capacity the reinforced concrete slabs 
attributed the development membrane forces the slab. Various methods 
analysis this behavior reinforced concrete slabs have been proposed 
Park (1964), Kemp (1965), Sawzuck and Winnick (1965), Morley (1967), 
Jacobson (1967), Brotchie and Holley (1970), Hung and Nawy (1970), Massonet 
(1967), Moy and Mayfield (1967), and the first writer and Kulkarni (1977). The 
method analysis presented here predict the load-deflection behavior 
restrained reinforced concrete skew slabs its ultimate, incorporating the 
effect membrane action, based the method strips proposed 
Park (7), and used further the first writer and Kulkarni (2) for rectangular 
slabs. The method developed three stages. The first considers the elastic 
behavior the slab cracking load. the second stage analysis, 
considering the effect cracking, the behavior the slab between cracking 
load and the yield line load predicted. the third stage, the behavior 
the slab beyond the yield line load determined procedure which incorporates 
the effect compressive membrane forces developed the slab. verify 
the method analysis, experimental program casting and testing 
reinforced concrete slabs restrained all sides was planned, and the details 
this are also given this paper. 


Stage 1.—The deflection the center skew slab calculated the 
basis solution available for skew plate (6) 


which the constant for the fixed skew plate based the aspect ratio 
and skew angle, and obtained from Table 352 Ref. This equation 


inwhich 


The value dependent the aspect ratio and the skew angle the 
skew slab, and its appropriate value obtained from Fig. 354 Ref. 

Stage 2.—In this stage, the behavior the skew slab between the cracking 
load and the yield line load considered. Once the load, the slab exceeds 
the reinforced concrete slab develops cracks. The effect cracking 


reducing the flexural rigidity considered suitably modifying 
given 


Eq. for effective moment inertia, similar the one suggested 
the American Concrete Institute (1) for beams and one-way slabs which 
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the moment terms are replaced load intensity terms that deflection can 
calculated for given load intensity. also felt that merely changing 
the gross moment inertia Eq. the effective moment inertia may 
not sufficient account for the reduced flexural rigidity and the two-way 
action slabs, additional constant, introduced, shown Eq. 
The constant, expected dependent the aspect ratio, skew angle, 
and material properties the slab, and could determined from test results. 
Thus, Eq. which applicable for the homogeneous and linear elastic behavior 
materials, modified for Stage 


The constant, can determined statistical best fit the proposed 
equation with test results. 


FIG. 1.—Assumed Collapse Mechanism 


Stage the third stage analysis, the load-deflection behavior the 
skew slab determined procedure which takes into account the effect 
membrane action. The method analysis is, general, lines similar 
that the first writer and Kulkarni (2) for rectangular slabs with suitable 
modification introduced suit the nonorthogonal pattern reinforcement. The 
method based the following assumptions: (1) Membrane forces are induced 
the slab after the formation the mechanism the yield line load; (2) 
the formation the yield line mechanism, positive yield lines, meeting 
obtuse and acute corners the slab, lie the bisectors the angles; and 
(3) the reinforcement the slab the bottom and top are placed parallel 
the sides the skew slab. The membrane forces are determined using the 
geometry the deflected shape and the yield criterion. 

Geometry Deformation Slab Portions between Yield Lines.—Fig. shows 
skew slab spans 2L, and 2L, along and directions, respectively, 
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with skew angle and the assumed yield line pattern. Considering strip, 
GL, parallel the X-axis width, dy, and distance, from it, 
noted from Fig. that the yield line pattern intersects the strip and 
Because the uniformity loading and support conditions, for total 
maximum deflection, along EF, the strip deflects such that the deflections 


J 


T 


Section 22 


FIG. 3.—Deformation Strips Direction 


and are zero, and and are each equal linear function 
given 


The portion the strip suffer rotation due the deflection, 


Pp? 
and the rotation, corresponds the plastic rotation the portions ADE 


& 
ip 
FIG. 2.—Extension Central Fiber Strip 
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BFC. There will elongation the strip because this rotation. the 
same time, axial compressive forces acting and and will 
cause elastic shortening these strips. Further, the elastic shortening 
will cause extension and GH. Thus, considering these aspects deforma- 
tion, geometrical relationship between deflections, rotations, and extensions 
the central fiber can obtained, with reference Fig. 


2,5, 2,5, 


A,,E, AE. 


1/2 


which the deflection the center the slab which occurs beyond 
the yield line load; membrane force induced the direction; and 
A,, and A,, the effective cross-sectional area for the portion and 
respectively. 


From and neglecting terms the order higher than two 


y 


P 


inwhich 


relation similar Eq. can derived for strip QRST (see Fig. 3), parallel 


Having developed the equation for depths neutral axis, the axial forces are 
determined using suitable yield criterion. 


The yield criterion for the combined effect bending moment and axial 
force acting for slab reinforced orthogonal directions, proposed Wood 
(9) for isotropic slabs and later used the first writer and Kulkarni (2) for 
orthotropic slabs, the form 


with 


(12) 
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This yield criterion valid for moment and axial forces acting the direction 
reinforcement, and independent the moments and axial force acting 
the transverse direction. the case skew slab with skew angle having 
reinforcements angle the interaction the moment and axial 
forces acting the transverse (inclined) direction has considered. Let 
and the plastic moment capacities the slab section the 
and directions due the reinforcement and their own directions. 
M,, and M,, are called effective plastic moments resistance considering 
the interactions, and and are the corresponding effective areas 
reinforcement, then 


The yield criterion now takes the form 


with 


npx 


Determination Axial Forces.—Let and the depths neutral 


x cup 


Substituting for and from Eq. 17, and simplifying, get 


2 L 


ki kf’. A,E.5, 
ft A,E.5, 


SKEW SLABS 
Similarly, the direction, the expression for can written 
for 
for 


The external load, acting the slab determined equating the work 
done internal forces (moments and axial forces) acting the yield lines 
the work done external forces (applied load p), due small virtual 
displacement given the slab. 

Work done internal forces calculated the summation the work 


done forces acting the strips considered parallel the and axes 
and obtained 


+ (C,C, + C,C, C,C, 2C, 
2 3 


Ly 2 2 Ly 
+ + (C,C, + CC, C.G 


+ (C,C,, + C, 2C,C;,C,)L,L, + (C, C, C,C%) 


879 
(23) 
cos 
+ 
External work done the applied uniformly-distributed loading, obtained 
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Equating W,, the intensity load obtained 


The expressions for C,, Eqs. 26-28 are given Appendix The 
the analysis. determine the maximum value Eq. the following 
procedure adopted. First, calculated. Then, given some initial 
value (e.g., h/40), and determined from Eq. 28. Then, increased 
steps h/40, and each new value the corresponding value 
obtained. This process repeated till attains maximum value. 
noted that increases with increasing value and reaches maximum 
value and then decreases. Thus, the calculations are terminated when the 
load-deflection curve shows descending trend, and thus, the load-deflection plot 
obtained ultimate. the use Eq. 28, values the effective area 
concrete, (A, A,), and modulus elasticity, E., are required. 
the load the slab increases, the concrete cracks, and higher stresses the 
value the effective modulus elasticity decreases. account for these, 
the value assumed which the cracked transformed 
area the slab cross section. 


TABLE 1.—Details Restrained Skew Slabs Tested 


Spacing Rein- 


Rein- 


forcement, 


meters 
Skew 
Slab angle, 
desig- 
nation degrees 
(2) 


Strength 
force- Concrete, 
ment, newtons 

per- per square 

centage millimeter 


Com- 
pres- 
sive 
strength 
(9) 


(L, 
L, 
L, L, L, L, 
cient Mod- 

Slab di- di- ulus 
num- rec- rec- ortho- rup- (Eq. 
ber tion tion tropy ture 
(1) (6) (7) (8) (10) (11) 
0.63 0.70 1.122 24.53 3.36 0.40 

FS2-15 0.63 0.47 1.630 25.51 3.50 0.45 

FS3-15 100 0.63 0.35 2.127 22.56 2.74 0.35 

FS4-15 100 0.42 0.35 1.468 26.49 3.52 0.30 

FS1-30 0.63 0.70 1.122 25.51 3.36 0.35 

FS2-30 0.63 0.47 1.026 20.60 3.02 0.35 

FS3-30 100 0.63 0.35 2.135 24.53 2.94 0.30 

FS4-30 100 0.42 0.35 1.406 20.80 3.02 0.33 

FS1-45 0.63 0.70 1.122 19.62 3.29 0.25 

FS2-45 0.63 0.47 1.630 25.80 4.32 0.22 

FS3-45 100 0.63 0.35 2.136 25.07 4.42 0.25 
FS4-45 100 0.42 0.35 1.467 24.53 3.50 0.26 
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experimental program casting and testing restrained reinforced 
concrete skew slabs was taken determine the value the constant, 
Eq. for calculating the deflection between the cracking load and the yield 
line load, and also compare the load-deflection curves obtained the proposed 
method with experimental load-deflection plots. 

The slabs covered skew angles 15°, 30°, and 45°, aspect ratio 
1.5, and coefficients orthotropy ranging from 1.222-2.136. Normal portland 
cement, river sand, and crushed granite (passing 12-mm sieve), were used for 
making concrete. Mild steel rods, with 4-mm diam, having 0.2% proof 
stress 573 were used reinforcement. Mix proportions weight 
1:2:4 with water-cement ratio 0.5 were used for concrete. provide 
the necessary fixity the edges, the slab was cast for extra length 
300 all around, with holes the 200-mm diam suit the clamping arrangement. 
Bottom reinforcement the slab was provided the edge the slab, 
while the top reinforcement the edges the slab was extended into the 
span distance 1/4 span. 

with each slab auxiliary specimens determine the compressive strength 
and modulus rupture. The details the slabs cast are shown Table 


Each slab was tested with edges restrained and subjected uniformly-distri- 
buted loading simulated point loads. The arrangement for loading and 
clamping the edges indicated Fig. Vertical deflections the slab 
the center and quarter points have been measured various stages loading. 


FIG. 4.—Details Loading Arrangement 
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ano 


Determination Constant, order determine the constant Eq. 
experimentally-measured deflections the yield line load have been used. 
Values determined are given Table order see whether 


Skew siab, @= 15° 

Rect. slab, O 


h 1 


FIG. 5.—Plot Showing Variation Versus 


Central deflection , mm 


FIG. 6.—Comparison Computed and Experimental Load-Deflection Curves for Skew 
Slabs FS3-15, FS2-30, and FS1-45 


could related nondimensional parameter arising from the properties 
the slab, parameter, has been chosen after number trials, which 
given 
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Eq. 29, corresponds the value for rectangular/square slabs. 
addition considering skew slab test results for the determination 
rectangular restrained square slab test results Hung and Nawy have also 
been considered. The procedure for determining the deflections for rectangu- 
lar/square slabs similar that for skew slabs except that the values 
and are taken from the results rectangular plate theory (8). The 


TABLE 2.—Comparison Experimental and Computed Ultimate Loads and Load 
Enhancement Skew Slabs 


Load 
enhance- 
Yield ment, 
line load p,.)/ 
100, 
newtons centage 


Ultimate Load, 
kilonewtons 


4 


Average 
Coefficient 
variation 


plot versus Fig. includes the results rectangular/square slabs 
also. For the points Fig. straight line the form has 
been fitted in, and the values and for statistical best fit are found 
0.2436 and 0.00305, respectively. Knowing the value the load-deflection 
behavior skew/rectangular restrained slabs between the cracking load and 
the yield line load determined using Eq. 

Comparison Analytical and Experimental Results Skew Slabs.—The 
proposed analysis has been used determine the load-deflection plots for the 
skew slabs tested. Fig. shows three typical load-deflection curves obtained 
from the analysis superimposed experimental curves. The points and 
the analytical load-deflection plots correspond the end Stage 
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Slab Experi- Com- 
Slab desig- mental, puted, 

(1) (2) (3) (4) (5) (7) 

FS1-15 207.9 209.8 0.991 173.8 20.7 

FS2-15 177.2 198.7 0.892 155.2 14.2 

FS3-15 171.4 178.9 0.958 140.8 21.7 

FS4-15 155.2 165.3 0.939 122.8 37.5 

FS1-30 199.4 215.9 0.924 160.4 19.6 

FS2-30 168.5 177.2 0.951 134.7 25.1 

165.5 175.7 0.942 125.6 12.8 

FS4-30 162.6 150.7 1.080 97.1 67.5 

FS1-45 158.2 151.0 1.048 119.6 32.3 

FS2-45 149.4 189.8 0.787 109.5 36.4 

FS3-45 142.0 175.9 0.807 99.0 43.4 

FS4-35 130.7 165.0 0.797 78.0 67.4 

0.926 
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and Stage the analysis. Beyond P,, membrane action included the 
analysis, given Stage The computed load-deflection plots are found 
compare satisfactorily with experimental plots. Table shows the comparison 
computed and experimental ultimate loads. seen that the ratio the 
computed the experimental ultimate load 0.926, with coefficient variation 
0.102. 

Because the compressive membrane action, there will enhancement 
load beyond the yield line load. The percentage load enhancement, 
obtained the expression 


TABLE 3.—Comparison Experimental and Computed Skew Slabs 


Deflection Deflection Deflection 
Working Yield Line Ultimate 


(8) 


Slab 
number 


(1) 


Average 
Coeffi- 
cient 

variation 


Comparison Deflections.—Assuming the working load equal two 
thirds the yield line load, the computed and experimental deflections working 
load, the yield line load, and the ultimate load for the skew slabs have 
been compared Table noted that there is, general, overestimation 
deflection. The average the ratio experimental computed deflection 
working load 0.76, with coefficient variation 0.310, the yield 
line load, the average 0.905 with coefficient variation 0.254, and 
ultimate load, the average 0.800, with coefficient variation 0.169. 

Comparison Results Proposed Method with Test Results Available 


(2) (11) 

6.60 11.50 0.574 14.00 0.735 26.00 36.54 0.712 

0.760 0.905 0.800 

0.310 0.254 0.169 
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Literature.—It was intended examine the prediction load-deflection behavior 
given the proposed method with test results other investigators. However, 
test results skew slabs were come across and thus this comparison could 
not done for skew slabs. some test results rectangular restrained 
slabs are available literature, the proposed method, reduced such slabs 
with has been used predict the load-deflection behavior such slabs. 
For this purpose, slabs Hung and Nawy (5) 1.1-C 1.7 and 4.1-C 
4.5) and slabs Park (7), 1-A4) have been considered. Table summarizes 
the comparison the experimental and computed values for the ultimate load, 
the deflections the working load, the yield line load, and the ultimate load 


TABLE 4.—Summary Results Load and Deflections Working Load, 
Yield Line Load, and Ultimate Load Restrained 


Ratio Experimental 
Computed Values 


Slabs tested 


Investi- Statistical 
gator Condition results 
(2) (3) (5) 


Writers Skew, Average, 
uniform coefficient 
load variation 

Hung and Average, 

Nawy (5) square, uni- coefficient 
form load variation 

Park (7) Rectangular, Average, 
uniform coefficient 
load variation 

Slab Rectangular Average, 

numbers square uni- coefficient 
and form load variation 

Slab Skew, rec- Average, 

numbers coefficient 
and square uni- variation 
form load 


the case rectangular/square slabs, and the skew slabs tested this 
investigation. seen that there is, general, some overestimation deflection 
all stages loading, while better agreement has resulted between experimental 
and computed ultimate loads. 


Summary 


The proposed analysis gives method predicting short-term deflection 
restrained reinforced concrete skew slabs, based elastic skew plate theory 
cracking load, and uses the concept effective moment inertia given 
Eq. and constant for loads between the cracking load and the yield 


ST5 
De- De- De- 
flec- flec- flec- 
tion tion tion 

Slab work- yield ulti- 

num- mate ing line mate 

(1) (6) (7) (8) (9) 
0.926 0.760 0.905 0.800 
0.114 0.250 0.271 0.266 
0.178 0.257 0.367 0.087 
1.043 0.907 0.885 1.148 
0.179 0.400 0.423 0.279 
0.990 0.843 0.893 0.999 
0.166 0.384 0.352 0.300 
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line load. Also, gives method predicting the load-deflection behavior 
beyond the yield line load considering the effect membrane forces the 
slab. Using the test data skew slabs (cast and tested), and 
square slabs available the literature, has been determined and related 
parameter, (Eq. 29), the slab. 

general, there satisfactory comparison between experimental and 
computed load-deflection plots, with slight overestimation deflections 
average. The computed ultimate loads give better comparison with experi- 
mental values the case skew, well slabs. 

From Fig. seen that for the limited number test results used 
this study, does not vary very much with and could probably taken 
constant, and thus the calculation deflections Stage could simplified. 
this paper, however, obtained from Fig. while determining the deflections 
gave better agreement with test results. felt that more test data covering 
wide ranges the various parameters are required for defining more precisely 
function the geometrical and material properties the slabs. 


The following are expressions for the coefficients 


N 
° 
° 
foo} 


Cie = + C,C, = 2C,C,C, —_ Cul. = C,C,; + 2C, C;C,) ss (41) 


2k, 
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The following symbols are used this paper: 


cracked transformed cross-sectional area; 
effective areas reinforcement and directions, 
given and 14a, respectively; 
areas reinforcement per unit width and directions, 
respectively; 

effective cross-sectional areas slab strips and JH, 
respectively (Fig. 1); A,, 

deflection dependent constants; 
expressions for constants given Appendix 

flexural rigidity plate; 
effective depth slab; 
depth neutral axis; 
depth neutral axis corresponding plastic moment capa- 
city and directions, respectively; 
effective depth slab and directions, respectively; 
modulus elasticity concrete; 
extension central fiber and respectively (Fig. 2); 
cube and cylinder compressive strengths concrete, respec- 
tively; 
modulus rupture concrete; 
overall depth slab; 
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distance extreme tensile fiber from centroid gross 
concrete section; 

moment inertia cracked transformed cross section 
slab about neutral axis; 

effective moment inertia; 

moment inertia gross concrete section about centroidal 
axis neglecting reinforcement; 

constant used Eq. 

stress block parameters; 

constants for line statistical best fit; 

span slab along and directions, respectively; 
bending moment; 

maximum bending moment; 

moment corresponding first cracking concrete; 

plastic moment capacity slab section defined 
and 13a; 

plastic moment capacity and directions, respectively, 
for positive moment; 

plastic moment capacity and directions, respectively, 
for negative moment; 

axial force and directions, respectively; 

intensity uniformly-distributed load; 

intensity load corresponding first cracking concrete; 
computed value intensity ultimate load; 

experimental value intensity ultimate load; 

computed value intensity working load; 

experimental value intensity working load; 

computed value intensity yield line load; 

total external work done; 

total interval work done; 

distance measured and directions, respectively; 
constants for determination deflection and moments; 

deflection; 

deflection beyond yield line load; 

deflection ultimate load; 

computed value deflection ultimate load; 

experimental value deflection ultimate load; 

computed value deflection working load; 

experimental value deflection working load; 
deflection yield line load; 

experimental value deflection yield line load; 

skew angle; 

parameter which function geometrical and material 
properties restrained skew slab; 

height neutral axis from central fiber; 

reinforcement ratio and directions, respectively; 
virtual rotation; and 

plastic rotation slab portion ADE BFC (Fig. 1). 
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DAMPING FRAMES WITH VISCOELASTIC 
INFILL PANELS 


and Amitabha 


INTRODUCTION 


Control the vibration structures the wind and earthquake environments 
being actively considered structural designers. Light and flexible building 
systems often require specific design features for limiting damage and maximizing 
occupant comfort and safety. Tuned mass dampers (11) and viscoelastic dampers 
(5) have already been used. Several other passive (9,10,14) and active (1,17,18) 
concepts have been proposed for designer’s consideration. This paper quantifies 
the effectiveness one passive concept, i.e., energy absorbing infill panels 
framed buildings. shown Fig. such panels may designed form 
part all the lateral stiffness structural system. The specific configuration 
analyzed herein that depicted Fig. 1(c), where only portion the frame’s 
lateral stiffness provided the infill panels. 

Three aspects this damped infilled frame system are considered: (1) Methods 
for designing such infills; (2) simplified models for analysis; and (3) analyses 
for predicting the effective damping such systems. All these aspects are 
illustrated with example 16-story frame and some practical design details 
are suggested. 


Damping Structure.—Resonant dynamic response controlled the overall 
damping exhibited structure. Such damping may arise from many sources, 
cyclic straining structural and nonstructural materials, friction interfaces 
and, ultimately, from nonlinear behavior and fracture. The relative importance 
each mechanism and whether structural nonstructural elements are the 
primary sources damping function the amplitude vibration and, 
Prof. Civ. Engrg., Case Western Reserve Univ., Cleveland, Ohio 44106. 
Engr., The Austin Co., Cleveland, Ohio. 
Prof., Dept. Materials Engrg., Univ. Illinois Chicago Circle, Chicago, 
Note.—Discussion open until October 1981. extend the closing date one month, 
written request must filed with the Manager Technical and Professional Publications, 
ASCE. Manuscript was submitted for review for possible publication November 27, 
1979. This paper part the Journal the Structural Division, Proceedings the 
American Society Civil Engineers, Vol. 107, No. May, 1981. ISSN 
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critically, the construction details. Raggett (13) has addressed the problem 
estimating building’s damping examining individual sources. 

The emphasis herein quantifying the damping which arises from the 
cyclic straining the materials the primary lateral bracing system, which 
composite steel and highly damped rubber-like material. Frictional 
and nonstructural sources are not considered; therefore, the overall damping 
structure not quantified, although may noted that modern steel 
buildings vibrating the wind environment exhibit damping which only 
slightly greater than that the material damping steel small amplitudes 
vibration. 

Damping Material.—A material’s linear damping capacity may incorporat- 
analysis utilizing viscoelastic constitutive equations, i.e., the stress 
strain relations are written 


which and the deviatoric components stress and strain and 
and the spherical components; and P,, P,, and linear differential 
INFILL PANEL 


FIG. 1.—Alternate Rigid Panel Arrangements for Lateral Bracing 


(b) 


operators. Numerous viscoelastic models may formulated simply using 


alternate linear differential operators, e.g., the Kelvin model has the following 
operators: 


which, for one-dimensional elements, simply implies: 


which viscosity coefficient the material; and Young’s modulus. 
Fliigge (6) and other texts viscoelasticity explain the physical meaning 
the parameters other common viscoelastic models. 

Damping quantify the damping composite system, 
all materials may modeled viscoelastic and then steady state response 
harmonic lateral excitation can computed. The effective damping can 
inferred from the computed amplification resonant peaks. computer 
program with such capabilities was developed the third writer and used 
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specifically for the composite frames. The formulation and the program are 
explained Refs. and 


The damping composite may also expressed the sum the weighted 
contributions individual components. This procedure used herein for 
comparison with the resonant amplification method. Mathematically 


and loss factor composite. 

Loss factors the constituent materials are defined for one-dimensional 
elements the ratios the complex part the real part the complex 
modulus which relates amplitudes harmonic stresses and strains. 

This method has previously been used Ungar (2), Raggett (13), Biggs (8) 
and Roesset al. (15). The effectiveness such approach for the cases 
simple series and parallel systems explored Ref. Briefly, shown 
therein that the individual are equal they are all small, the technique 
gives acceptable damping predictions. However, one the loss factors 
large and different from the others, the procedure may grossly overestimate 
the effective damping series systems. 


loss factor component 


Numerous infill panel arrangements are possible thus rigorous evaluation 
alternatives should carried out. For purposes illustrating the potential 
effects, however, only the configuration shown Fig. was modeled and 
analyzed herein. The vertical releases the top panel girder connections 
eliminate axial forces the panels. Only the end panels’ bottom connections 
must then transfer some vertical forces into the girders. Subject architectural 
restrictions, such panels could utilized many bays necessary 
achieve different levels damping and lateral stiffness. 

feasible way achieve practical finite element models frames with 
infilled bays utilize superelements, which allow condensation interior 


SECTION A-A 


SECTION B-B 


FIG. Configuration 
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degrees freedom. However, the writers felt that simplified models could 
verified and used. Therefore, was hypothesized that single viscoelastic 
plane stress rectangle (PSR) could developed whose stiffness and damping 
contributions would equivalent those the actual infill panels. This 
hypothesis was verified the one story frame shown Fig. First actual 
infill panel configuration was selected, then detailed analytical model and 
the corresponding equivalent PSR model were derived. Finally, static and steady 


w2ix44 


LEGEND 
—NODE 
— COUPLED DOF 


(a) RIGID FRAME mass 


PANEL EDGE 
STIFFENERS 


MODEL (c) EQUIVALENT MODEL 


FIG. Used Verify Hypothesis Modeling Panels with Equivalent 
PSR in. 2.54 cm) 


FIG. 4.—Panel Geometry during Drift 


state responses were computed using both models. Some details the aforemen- 
tioned steps are follows. 

Actual Panel panel details were chosen achieve 
realistic story drift ratio and static stiffness and acceptable maximum strain 


the viscoelastic material. From Fig. the strain the layers may expressed 
as: 
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Letting the static strain, 0.1, 1/500 and selecting in., 
i.e., panels, allowed the thickness, 0.75 in. computed. Further, 
the static lateral stiffness panels may expressed 


The width, 13.3 in., was computed from Eq. after assuming 1000/3 
psi and letting K,,, 320 k/in. This latter magnitude was chosen realistic 
value for the total lateral stiffness required midheight the 16-story building 
used subsequent analyses. 

Detailed Analytical Model.—The Kelvin model was chosen represent both 
the viscoelastic material and the steel. The model parameters for the steel were 
obtained recognizing that the steady state, composite frame responses must 
convergent the elastic, static ones Thus, for the one-dimensional 
steel elements, the (in Eq. simply the elastic modulus, The viscoelastic 
parameter for steel, was computed, iteratively, from 


which the fundamental frequency the system; and the equivalent 
fraction critical viscous damping for steel, assumed 0.01 (note that, 

Plane stress finite elements were used model the viscoelastic layers. The 
Kelvin model was again used describe both the deviatoric and spherical 


components stress and strain. Using the notation Eq. the differential 
operators become 


P,=1; (Deviatoric); 


For elastic model, the corresponding differential operators become 


which 0.4999. Again, the viscoelastic parameters were computed iteratively 
from 
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was assumed that with the damping the energy absorbing 
material, having value 0.5. Ideally, and should determined from 
physical tests rather than inferring them from other damping measures. 

The rigid panels the detailed model were 1/4 in. steel plates and axial 
elements having area in. stiffened the panel edges. 

Equivalent PSR Analytical Model.—The idea single equivalent PSR model 
may explained follows. The shear strain and the lateral stiffness 
story-high element pure shear are: 


For such element and for the detailed model, the energy absorbed per cycle 


TABLE 1.—Comparison Responses Obtained Using and Equivalent 
PSR Models 


inches. 
Note: in. 2.54 cm. 


vibration proportional the following factors: (1) The square the strain 
amplitude; (2) the total viscoelastic material volume; and (3) the deviatoric loss 
factor times the shear modulus. obtained equating lateral stiffnesses, 
i.e., Eqs. and 13, then the product those three factors equal for both 
models. Therefore, equal energy dissipation should take place. verify this 
general argument, PSR rectangle with arbitrarily assumed unit depth and 
192 ksi, computed equating lateral stiffnesses, was used 
infill model. The deviatoric viscoelastic parameters were computed before 
using Eqs. and 11. the real system, the panels would have vertical releases 
the top connection thus preventing stacked panels from having any cantilever 
bending stiffness. model this effect using the equivalent PSR, the spherical 
stiffness parameter was computed with 0.4999 and the spherical viscosity 
parameter was set equal zero. 


(12) 
nbd’ 
Phase angle and displacement Exact model Equivalent PSR 
(1) (2) (3) (4) 
0.0001 
0.075 0.077 
6.0 48° 
0.101 0.106 
74° 82° 
0.105 0.104 
7.88 
0.103 0.100 
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TABLE 2.—Modal Properties 16-Story Frame 


Mode Shapes 


Masses, pound- 
seconds squared per inch 


columns columns 
(2) (3) 


Note: 175.126 kg. 
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Mode Mode Mode Mode Mode 
Floor 0.332 0.875 1.476 2.074 2.737 
(1) (2) (3) (4) (5) (6) 
0.811 0.867 0.835 0.753 0.647 
0.780 0.689 0.406 0.034 —0.339 
0.731 0.402 —0.187 —0.668 —0.780 
0.682 0.151 —0.531 —0.736 —0.304 
0.621 —0.696 —0.361 0.450 
0.563 —0.649 0.104 0.705 
0.502 0.495 0.433 
0.444 —0.570 —0.184 0.646 —0.069 
0.387 0.094 0.547 —0.496 
0.330 0.338 0.269 —0.627 
0.273 —0.589 0.516 —0.083 —0.428 
0.219 0.597 —0.383 —0.032 
0.167 —0.430 0.585 —0.562 0.364 
0.120 —0.326 0.495 —0.577 0.568 
0.075 0.345 —0.452 0.535 
0.036 —0.106 0.179 —0.248 0.318 
TABLE 3.—Member Sizes and Masses 16-Story Frame 
Story beams the Column 
(1) (4) (6) 
51.0 76.5 
51.6 77.4 
51.8 77.7 
51.8 
52.0 78.0 
52.4 78.6 
52.6 78.9 
52.8 79.2 
53.0 79.5 
53.2 79.8 
53.4 80.1 
53.6 80.4 
54.0 81.0 
54.2 81.3 
54.6 81.9 
55.4 83.1 
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Steady State Responses.—For range excitation frequencies, Column 
Table indicates the resultant amplitudes the steady state responses and 
the phase angles between lateral displacement and the excitation obtained using 
the detailed model. The very low amplifications and the fact that the maximum 
response does not occur when the phase angle 90° indicate that the system 
very highly damped. Nonetheless, the set displacements was used check 
the validity the simple model. 

The resultant steady state response amplitudes the one-story frame infilled 
with the single equivalent PSR are shown Column Table They agree 
well with those the detailed model, therefore was concluded that indeed 
single viscoelastic PSR element can properly model both the static stiffness 
and damping contribution actual infill panels. 


Structure 


three bay, 16-story frame given Ref. and shown Fig. was analyzed 
illustrate the effect infill panels. The member sizes, floor masses, and 


COLUMN LINES: (2) (3) (4) 
“ 


240 240 40 


= 
= 


FIG. 5.—16-Story Rigid Frame Used Effects Infill Panels in. 2.54 
cm) 
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the fundamental mode shape are given Tables and Two lateral load 
distributions, shown Fig. are used for analysis; one the UBC distribution 
labeled and the other loading proportional the fundamental 
mode, labeled Figure shows the static story shears and story 
moments from the two loadings. 

Analyses Rigid Frame without Infill Panels.—To partially verify the program 
CASE (4) responses were obtained very low frequencies and compared 
with the static responses obtained from the program APPLEPIE (16). The resultant 
floor displacements for both loading conditions are given Ref. the results 
are very good agreement. expected, the FML produced deflected shape 


CWL FML-KIPS 


1.8 
3.6 
3.6 
3.6 


3.6 
3.6 
3.6 
3.6 
3.0 
3.0 
3.0 
3.0 
3.0 
2.4 
2.4 
2.7 


EQUIVALENT 
INFILL (PSR) 


GUIDED PIN 
SUPPORTS 


- nw & Von © 


FIG. Lateral Load Distributions and Analytical Model Frame kip 
4.45 kN) 


proportional the mode shape. Any further references static frame responses 
imply those computed CASE very low frequencies. 

Steady state analyses using CASE defined amplification curve with 
resonant peak 0.335 for both loading conditions. For the CWL 
distribution the maximum amplification was 53.5, indicating that the structure 
was not vibrating solely the fundamental mode. This was further demonstrated 
the fact that not all the displacements were 90° out phase with the excitation. 
Conversely, for the FML, amplification exactly was observed 0.335 
with all displacements 90° out phase with the excitation. 


ST5 
13 43 —> 
240" 
FRAME 
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anticipation the infilled frame analyses, static analyses were also done 
the rigid frame with simply connected girders the center bays. Table 
gives the resultant deflected shapes. 

Proportioning Equivalent Infill arrive panel dimensions which 
would yield deflected shape for the linked infilled frame equal that 
the original rigid frame, the equivalent PSR element thicknesses were distributed 
with height proportion the ratio the story shear the story distortion. 
The resultant distribution given Table scaled such that the thickness 
the 16th story 1.0 in. Static analyses were then performed using several 
values uniform over the height. was found that 5,000 psi 
yielded overall deflected shape close that the original frame. Table 


SHEAR (KIPS) 


MOMENT (KIP-FT 


FIG. 7.—Static Story Shears and Moments from Two Loadings kip 4.45 kN; 
kft 1.356 kN-m) 


shows the deflected shape and the percent difference from that the rigid 
rame’s deflected shape. further refinement the stiffness distribution was 
done and all steady state analyses were performed the infilled frame with 
equivalent PSRs having 5,000 psi and thicknesses shown Table 

Steady State Analyses Infilled Frame.— Viscoelastic model parameters were 
computed for the one-story frame, from the assumed values, 0.25 
and 0.50, and 0.01. Figures and indicate the amplification the 
fundamental frequency. The effective fractions critical viscous damping 
computed from the resonant amplification and the weighed strain energy 
technique are given Table can seen that the predicted fractions 
critical viscous damping are very high; and 16% for the two viscoelastic 
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TABLE 4.—Static Displacements Frame with Simply Supported Interior Girders 


CWL displacement, FML displacement, 
inches inches 


Note: in. 2.54 cm. 


TABLE 5.—Equivalent PSR Element Thicknesses 


Note: in. 2.54 cm; kip 4.45 kN. 
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(1) (3) 
12.090 14.440 
11.670 13.770 
11.080 12.870 
10.400 11.880 
9.590 10.750 
8.775 9.659 
7.904 8.534 
7.049 7.469 
6.187 6.433 
5.315 5.418 
4.435 4.424 
3.576 3.487 
2.733 2.602 
1.944 1.809 
1.196 1.086 
0.550 0.489 
(1) (2) (3) (4) 
0.339 10.00 1.000 
0.540 19.74 1.286 
0.537 28.88 1.893 
0.662 37.42 2.000 
0.630 43.24 2.464 
0.671 52.36 2.786 
0.630 58.76 3.329 
0.623 64.42 3.700 
0.620 79.38 4.000 
0.621 73.64 4.246 
0.588 77.16 4.693 
0.570 80.00 5.036 
0.518 82.18 5.714 
0.491 83.76 6.143 
0.418 84.74 7.250 
0.393 85.22 9.732 
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TABLE Shapes Rigid Frame and Frame with Linked Girders and 
Infill Panels 


STATIC DISPLACEMENTS, inches 


Difference, Difference, 
percentage igi percentage 


(7) 


= 
< 
a 
a 
a 


Peak Displacement Amplification 


0.2 
Frequency Hz. Frequency Hz. 


FIG. Amplification Curves FIG. 9.—Dynamic Amplification Curves 
for CWL Loading for FML Loading 


7.435 7.476 8.852 8.931 
7.260 7.283 8.512 8.573 
6.940 6.965 7.973 8.045 
6.589 6.587 7.435 7.471 
6.131 6.113 0.3 6.774 6.789 
5.671 5.631 0.7 6.144 6.130 0.2 
5.157 5.107 1.0 5.473 5.445 0.5 
4.654 4.589 1.4 4.842 4.797 0.9 
4.134 4.060 1.8 4.220 4.163 1.4 
3.598 3.518 3.599 3.534 1.8 
3.044 2.962 2.7 2.978 2.910 2.3 
2.498 2.413 3.4 2.390 2.317 
1.948 1.865 4.3 1.821 1.749 4.0 
1.423 1.344 5.6 1.302 1.233 5.3 
0.907 0.840 7.4 0.811 0.753 
0.448 0.394 12.1 0.393 0.346 12.0 
Note: in. 2.54 cm. 
60 60 
30 30 
1.0 
° ° 
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damping values. The two methods yield damping values which are close 
agreement. 


TABLE 7.—Comparison Damping Predictions Two Methods 


Weighted Strain Steady-State Resonant 
Energy Method Amplification Method 


as 
per- 
centage 


RIGID FRAME FORCES INFILLED FRAME FORCES 


FIG. 10.—Member Forces Three Stories Rigid Frame and Frame 
kip 4.45 KN; k-in. 0.113 kN-m) 


Figure compares the static member forces the rigid frame with those 
the infilled frame three stories for the CWL condition. The most significant 
change, course, that the middle girders act primarily links and therefore 


(1) (2) (3) (4) (5) (6) (7) (8) (9) 
CWL 1.0 50.0 0.694 0.306 16.0 0.342 3.28 15.2 
1.0 25.0 0.694 0.306 8.3 0.338 6.38 7.8 
FML 1.0 50.0 0.688 0.312 16.3 0.342 3.09 16.2 
1.0 25.0 0.688 0.312 8.5 0.337 6.01 8.3 
=x =x x 4 
1397."K 
x =x 
= 2 2 © 
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TABLE 8.—Fraction Total Story Shear Taken Infill Panels 


Story 
shear, Fraction Fraction 


Note: kip 4.45 kN. 


STRUCT TUBING 
VERTICAL SLOT 
| 
FLAT METAL SHEET 


4.55 “(8 tn) ELEVATION 
t= 3.20 “(i4tn) 


(AS SHOWN) 


FIG. 11.—Details Panels for Frame Analyzed in. 2.54 cm) 
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FML 
3.6 1.73 0.48 10.0 3.17 0.32 
10.8 3.56 0.33 19.73 5.89 0.30 
18.0 6.18 0.34 28.89 9.39 0.33 
25.2 8.14 0.32 37.42 11.72 0.31 
32.4 10.19 0.32 43.23 13.95 0.32 
39.6 12.49 0.32 16.35 0.31 
46.8 14.75 0.32 58.75 18.48 0.31 
54.0 16.73 0.31 64.42 20.10 0.31 
60.0 18.51 0.31 69.38 21.50 0.31 
66.0 20.11 0.30 73.63 22.58 0.31 
72.0 21.90 0.30 77.16 23.71 0.31 
78.0 23.41 0.30 80.00 24.29 0.30 
84.0 25.16 0.30 82.19 25.01 0.30 
88.8 26.10 0.29 83.76 24.92 0.30 
93.6 27.14 0.29 84.74 24.83 0.29 
99.0 25.69 0.26 85.22 22.56 0.26 
Cc 
7 PANELS ot 24°= 16 
SECT. B-B 
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may drastically reduced size from those used the rigid frame. Table 
indicates the actual fraction the total shear taken the infill; 
relatively constant value 0.30. 

Actual Infill necessary show that the equivalent may 
translated into realistic actual infill panel configurations. This was done for 
the CWL forces the 2nd, 8th, and 14th story the infilled frame. those 
stories the shear stiffnesses the PSRs were 60.42 kips/in., 33.3 kips/in., 
and 15.77 kips/in. and the static story drift indexes were 0.00312, 0.00386, 
and 0.00276. The amplification resonance for 0.5 was 3.28. Using 
300 psi, Fig. shows the actual proportions the infill panels which will 
provide the static stiffness and damping while limiting the amplitudes the 
viscoelastic strains during resonance about 0.1. reiterate, the damping 
provided will that predicted from the equivalent PSR because the product 
the squared strain amplitude, material volume and loss modulus equal 
for both systems. 

Two important aspects this example must emphasized. First, the 
and thicknesses the equivalent PSRs were derived from stiffness criteria, 
i.e., the stiffness the infilled frame was made approximately equal that 
the original rigid frame. more rational approach would have been derive 
infill properties achieve desired damping level meet maximum 
acceleration criteria. However, direct method for achieving such objectives 
was found. believed that iterative procedure required, which the 
properties both the frame members and the infill are varied. 

Second, given equivalent PSR, numerous actual infill configurations may 
designed. However, the example given, systematic comparisons among 
alternate configurations were made, therefore the design shown Fig. cannot 
said optimal, only practically feasible. 


Summary 


Several important conclusions concerning energy absorbing infill panels may 
stated. Significant increases the damping steel frame may realized 
incorporating viscoelastically damped infill panels. The suggested composite 
system may analyzed simplified method which utilizes equivalent 
PSR model the actual panels. Preliminary design such systems can 
done simple hand computations. Further, infills can designed have 
considerable stiffness well acceptable strains the energy absorbing material 
resonance. 

For the structure analyzed, the weighted strain energy method gives acceptable, 
although slightly unconservative, damping predictions. This likely true 
for system where the viscoelastic material contributes relatively small fraction 
the total lateral stiffness. has been previously found that series-type 
configuration where the viscoelastic material accounts for large fraction 
the total lateral stiffness, the weighted strain energy predictions become highly 
unconservative (7). 

Regarding the viability such infill system alternate wind design 
strategy, apparent that there are much more economical ways meet 
conventional stiffness drift ratio design criteria. However, adynamic response 
such gust-induced acceleration design criterion, then infill panels may 
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competitive. course, optimum configuration and erection procedure 
(which probably will mean total prefabrication the infill panels) must 
developed. Similarly, optimum damping material must formulated, based 
the fact that fulfills structural role and thus must have the reliability 
common structural materials. 

Such infill panels are less likely economical design strategy for 
the earthquake environment. Design earthquake loads are expected occur 
only once twice during the lifetime structure and thus are normally 
allowed cause inelastic behavior which induces significantly higher damping 
from structure. However, the earthquake condition will very likely control 
the strength design condition such panels, even they are used for controlling 
wind-induced vibration. 

may possible retrofit energy absorbing panels existing buildings 
which have excessive wind motion. Again, detailed cost comparison with 
other active passive alternatives required. 

Additional studies the effects such composite frames the overall 
damping structure, the feasibility such panels story buildings, 
and adaptations the infill concepts tube-type structures remain 
completed. 
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The foilowing symbols are used this paper: 


peak amplification; 
modulus elasticity; 
shear modulus; 

bulk modulus; 

linear differential operators viscoelastic model; 
deviatoric components stress and s-rain; 
strain energy material 
shear strain viscoelastic materials; 
fraction critical viscous damping; 

loss factor material 
viscosity parameter Kelvin model; 
Poisson’s ratio; 
phase angle; 
circular frequency excitation; and 
natural frequency system. 


Subscripts 
composite; 
steel; 
total; and 
viscoelastic material. 
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SHEAR BEAMS WITHOUT WEB REINFORCEMENT 
Barrington deV. ASCE, and Mankit 


AND 


The former ACI-ASCE Committee 426 (now Committee 445) has proposed 
(1,6) the use basic shear stress, v,, for use the design equations for 
the shear force, carried concrete slender and deep reinforced concrete 
beams and for prestressed concrete beams. The expression, Eq. la, given for 
reflects the fact (6) that longitudinal reinforcement ratio, p,,, important 


which 1.0, 0.75, and 0.85 for normal weight concrete, 
concrete and respectively. 

The effect has been recognized (6) Australian, British, and European 
Codes Practice their design equations for the shear stress, carried 
concrete. However, the provisions ACI Standard 318-77 (2) not place 
much importance p,, parameter considering The work reported 
this paper, was undertaken (5) investigate independently statistical 
means, the feasibility the use Eq. la, using available published data. 
addition, the general phenomena diagonal tension cracking and shear failure 
were investigated over wide range longitudinal reinforcement ratio, 
experimental program, which also served provide additional data for the 
Statistical study. The results the statistical analysis are compared with the 
proposal ACI-ASCE Committee 426, with proposals other researchers, 
and with the provisions some existing codes practice. distinct relationship 
between and p,, confirmed and recommendations are made the most 
feasible relationship adopt for design purposes. 

This paper deals only with reinforced concrete beams failing shear. The 
276 beams investigated are nonprestressed, reinforced tension only, have 
shear span/depth ratios greater than 2.0, and not have web reinforcement. 

Dept. Civ. Engrg., Ellis Hall, Queen’s Univ., Kingston, Ontario K7L 3N6 
Canada. 

Student, Dept. Civ. Engrg., Ellis Hall, Queen’s Univ., Kingston, Ontario 
K7L 3N6 Canada. 

Note.—Discussion open until October 1981. extend the closing date one month, 
written request must filed with the Manager Technical and Professional Publications, 
ASCE. Manuscript was submitted for review for possible publication May 20, 1981. 
This paper part the Journal the Structural Division, Proceedings the American 
Society Civil Engineers, Vol. 107, No. May, 1981. ISSN 0044- 
8001 /0005-0907 $01.00. 


907 


16235 


908 MAY 1981 ST5 


outline the experimental study first presented, since the results from 
this study are used the statistical study considered later. 


The experimental program (5) was planned mainly generate data for very 
low values which existing data were very sparse. The test results 
are incorporated the statistical study which appears later the report. The 
test program consisted two series tests, namely, Series and Series 
the main variable being p,,, with shear span/depth ratio, a/d, held between 
2.48 and 3.11. Details the test beams are given. Normal weight concrete 
was used all the specimens. 


2-HOOKS 


R4BARS (d) DETAILS 


X (in) 
CIC. 
REINFORCEMENT 


BEAM é | No. AND SIZE OF 
No. REINFORCEMENT 


3-STRESS RELIEVED 
4-C-1 & 2 | INDENTED WIRES 
(Die. = 0.197") 


5-C-1 & 2 | 4-DI0 (1 Row) 
7-C-1 & 2 | 3-4 (1 Row) 
8-C-1 & 2 | 6-DI2 (2 Rows) 
(b)SECTIONI-i (c) SECTION 2-2 (Vertical spacing between 2 rows of 


Reinforcement = 1.5") 


(SEE RHS 
TABLE) 


FIG. 1.—Details Continuous Test Beams: Series 


The specimens Series (Fig. and Table consisted ten rectangular, 
nonprestressed, two-span continuous beams which contained shear rein- 
forcement and which were subjected two concentrated loads (one each 
midspan). Equal amounts longitudinal tension reinforcement were provided 
each beam the top supports, and the bottom midspan. The value 
p,, this series ranged between 0.17% and 1.35%. 

The test Series (Figs. and consisted four simply-supported beams 
which were nonprestressed, without web reinforcement, and subjected two 
concentrated loads applied near midspan. 


Each beam designated two numerals and one letter, e.g., 6-C-2, which 
are interpreted follows: 


ST5 BEAMS 
First Numeral (6-C-2) 


1-8.—beam identification number (No. does not exist). 
Letter (6-C-2) 


C.—Series two-span continuous beams. 


TABLE 1.—Properties Continuous Test Beams: Series 


Concrete Strength 


Com- 
pres- Modulus DIMENSIONS 
sive Tensile TEST BEAMS 
strength, rupture, strength, 
pounds pounds pounds 
per per per 
square square square 
inch inch inch 


(3) (4) (5) 


amount top and bottom reinforcement. 
Note: psi 6.89 kPa; in. 25.4 mm; and in. 654 


LOADS WIRE (FOR 


HANDLING) 
w 


175"250"175" 


(b) CROSS SECTION 


DIMENSIONS OF TEST BEAMS 


DISTANCE 


FIG. 2.—Details Test Beams 1-S-1 and 1-S-2 


Area 
rein- 
Age Over- force- Steel 
num- in h, in |square| per- 
ber days cent 
6,760 840 6.00 8.90 8.95 9.75 0.17 
4-C-2 117 6,520 950 6.00 8.90 8.95 9.75 0.17 
6,250 810 6.19 8.88 8.75 9.81 0.40 0.73 
6,390 840 6.06 8.69 8.75 9.69 0.40 0.76 
6-C-2 5,980 770 520 6.06 10.88 10.88 0.91 
6,500 920 600 6.13 8.87 8.75 10.56 0.60 1.10 
6,940 1,000 580 6.19 8.81 8.75 10.56 0.60 1.10 
8-C-1 6,800 740 620 6.19 8.79 8.59 10.69 0.72 1.32 
8-C-2 7,140 1,110 590 6.09 8.79 8.59 10.69 1.35 
(a) BEAMS NO |-S-! AND |-S-2 
AGE STEEL 
BEAM | at | COMPRES- RATIO 
(deys) fe (%) 
4890 800 
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Second Numeral (6-C-2) 


Reinforcement properties are summarized Table 


Test 


analyzing the test results, diagonal tension crack defined inclined 
crack extending from the longitudinal tension reinforcement into the compression 
zone, making angle about 45° with the reinforcement. The diagonal tension 
cracking load, defined the load (shear) which the first diagonal 
tension crack has just extended into the compression zone. This was determined 


2-ARDOX WIRES 


(b) SECTION (c)SECTION 2- 
(a) BEAMS NO.3-S-| AND 3-S-2 


AGE T 
| BEAM compres. | MODULUS | wes EFFECTIVE DEPTH, 


d(in)™* OVERALL 
| WIDTH SECTION | SECTION 
(psi) |b | SECTION h(in) 1-1 
i 


-! 


| | 


FIG. 3.—Details Test Beams 3-S-1 and 3-S-2 


from visual observation and from study the load-deflection curves. The 
ultimate load (shear), regarded the maximum load that the beam could 
support just prior failure. 

The test results are_summarized Tables and Fig. the quantities 
and are plotted against for the ten beams that failed 
diagonal tension and shear, and for which the ratio was less 
than unity (symbols are defined the notation section). can seen that 
the ultimate shear stresses, v,, the beams that did not fail the diagonal 
tension mode, were between and 21% higher than the shear stresses, 
cracking. Also, all the data points Fig. are seen the safe 
side the Committee 426 proposal (1) for v,, for normal weight concrete 
and which can written the form Eq. follows: 


T 7 WIRE: 
12°) 
| No. | TEST | SIVE | 
|(deys) | (psi), 
we 7 
| 5400 
3-5-2) 7 | 
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However, the data points low values p,, (<0.005) indicate that the alterna- 
tive provisions ACI 318-77 given Eq. and the more exact Eq. are 


2.0 1.9 


The beams that failed diagonal tension (Fig. are combined with 266 
other beams reported other researchers (Appendix order form 


TABLE 2.—Properties Reinforcement 


Yield Ultimate 
strength, f,, strength, 
Diameter,” Area,” kips per kips per 
Bar designation inches square inches square inch square inch 
(1) 
Number 
Stress relieved 
indented wires 
Ardox wires 
values. 
deformed bars. 


wires. 
Note: in. 25.4 mm; in. 654 and ksi 6.89 MPa. 


data base for statistical regression study (5). The data base includes the following 
categories and numbers beams: 


Simply-supported rectangular beams—157. 

Simply-supported T-beams—28. 

Simply-supported rectangular stub-beams—16. 

Simply-supported, restrained, rectangular 
Simply-supported, restrained, T-beams—2. 

Two-span continuous, rectangular, beams—18. 


The simply supported restrained beams referred categories and 
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TABLE 3.—Test Results: Series Beams 


Diagonal 
Cracking Ultimate 


Stress, Stress, 
pounds 
square square square 
inch inch inch 


(3) (6) 


“In continuous beams, distance from max +ve moment max —ve moment adjacent 
spans. 

sudden diagonal tension. 

flexure-shear. 

*DT diagonal tension with horizontal splitting along the level reinforcement. 

did not fail. 


TABLE 4.—Test Results: Series Beams 


Stress, 
pounds 
per 
inch inch 


(6) (9) 


Flexure failure yielding and fracturing the longitudinal reinforcement. 
Sudden diagonal tension failure. 

Flexure failure crushing concrete the compression zone. 

Note: psi 6.89 kPa; and kip 4.45 kN. 


912 ST5 
Mode 
Beam 
3.03 6,520 0.17 10.75 201 2.49 10.75 201 2.49 0.92 1.12 
5-C-1 6,250 0.73 13.23 241 3.04 16.46 300 3.79 0.89 0.79 
6-C-2 | 2.48 | 5,980 | 0.91 | 15.46 244 3.03 | 16.58 252 3.25 | 0.84 | 0.65 | DT? 
7-C-1 | 3.04 | 6,500 1.10 | 11.34 209 2.59 | 13.73 253 3.13 | 0.84 | 0.60 | DT? 
7-C-2 6,940 1.10 13.01 239 2.86 16.00 293 3.52 0.93 0.65 
8-C-2 | 3.07 | 7,140 1.35 | 13.47 252 2.98 | 17.16 321 3.79 | 0.80 | 0.67 |DT* 
Diagonal 
Cracking 
Mode 
Beam 
num- 


BEAMS 


8-C-1 (DID NOT FAIL) 


EQ'N 2b FOR M/Vd=2 


(ACI - 318-77) ond f = 4000 psi* 
= 2;EQ’'N 20 


FAILURE 
DIAGONAL TENSION CRACKING 


FIG. Test Results with 318 (77) and Committee 
426 Proposal 


are simply supported beams with overhangs extending beyond the supports, 
and subjected loads applied the exterior spans well the overhangs. 

Categories and were combined into one group for regression analysis, 
while categories and were combined another group. These two groups 
data were further divided (5) for purposes analyzing diagonal tension 
cracking and ultimate shear strengths. However, only the diagonal tension cracking 
strength considered this report, since has been shown Ref. that 
the ultimate shear strength data not suitable parameter due the high 
percentage error involved. 


The types model equations used the statistical analysis can classified 
follows: 


Linear model. 
Bilinear model (with 0.0125 the separation value). 
Nonlinear models. 


The three types models obtained from the study are plotted Figs. 
and All the regression analyses were done with the aid the SPSS package 
the Queen’s University Computing Center. 

Various code provisions, the forms models and previously 
mentioned, are compared with the corresponding best-fit lines Figs. 
and these figures the quantity, the correlation coefficient, and 
the coefficient variation error which was used Zsutty’s work (10) 
and defined as: 


Standard Error Estimate the Dependent Variable 


Mean the Dependent Variable 
100 


Mean the Dependent Variable 
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(CAT. 4-6) CAT. 1-6) 
EQ'N (5) EQ'N (6) 
(CAT. 3-3) 


EQ’N (4) 


BEST FIT LINE: (r=0.64, V, = ° 


EQ'N (20 


Sao APPROX. 95% CONFIDENCE LOWER LIMIT 


FIG. Cracking Strengths: Linear Models 


Linear Model.—The best-fit linear model obtained for the data the beams 
for categories and combined, given by: 


Equation plotted Fig. together with the ACI-318-77 provisions (Eqs. 
and 2b). The following observations are apparent from Fig. 


The ACI Code Provisions fall below the best-fit line, except very low 
values p,, (<0.4%). 

considerable number data points lie below the ACI provisions for 
0.01. 


The best-fit line (Eq. for the linear model has poor correlation 
0.64 and 17%). 


The best-fit line for the beams categories and combined, is: 


Ver 


The best-fit line for all categories combined is: 


Ver 


combined are higher than those categories and combined. Therefore, 
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0 0.0” 0.020 RP. 0.030 0.040 
Ver 


BEAMS 


Yer 
(r= 0.40, Ve = 14%) 

BEST-FIT LINE 

= (0.80 + 45 
eee 


426 PROPOSAL EQ'N 


PROPOSED BY AUTHORS-EQ'N (9) 
APPROXIMATE 95% CONFIDENCE 


/77—_ LOWER LIMIT FOR BEST-FIT LINE 
(7) (8) 


0.020 


FIG. Cracking Strengths: Bilinear Models 


was considered conservative use the equations for the latter predictions 
for all types beams considered this report. Thus, the cracking strength 
restrained and continuous beams can conservatively estimated from the 
cracking strengths simply supported beams provided that, was the case 
the study, the shear span, a,, continuous beams taken the distance 
from maximum positive moment maximum negative moment adjacent spans. 

contains plots the various bilinear models 
including the CEB provisions (4). The best-fit bilinear equation the data 
given by: 


cr 


=0.8+ 145p,; for 0.012 


which 0.66; and 19%; and 


Vor 


The following observations can made from study Fig. 


The CEB provisions for beams without shear reinforcement, give the most 
conservative values with almost data points lying below these provisions. 

Numerous data points lie well below the equation for proposed 
ACI-ASCE Committee 426. This probably due the fact that high 
(in the best-fit lines Eqs. and and low. 

view the preceding item, the following proposal (Eq. shown 
Fig. suggested being more appropriate bilinear model than Eq. 
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Vor 


ec 


For design purposes this form may slightly modified very low values 
give Eq. considered later. 

the case Eq. the separation point 0.015. The bilinear models 
should used with some caution, since the correlation coefficients for the 
best-fit lines (Eqs. and are quite low. However, these forms have the 
advantage being able treat the lower strength data, e.g., 0.015, 
separately. 

Nonlinear shows comparison different nonlinear formats 
including those the British and Australian codes practice. 


1749/7, 
EQ'N (12) 


20%) 


PLACAS 


AUSTRALIAN CODE 
EQ’'N (1) 


= 4000 psi ASSUMED FOR EQ'N  I3e 


FIG. Cracking Strengths: Nonlinear Models 


The British Standard (3) gives discrete values v., which are dependent 
upon the main tension reinforcement ratio, and the concrete cube compressive 
cube strength, which both and are newtons per square millimeter. 
For purposes comparison, converted (7) according the following 


equation: 
B10 2840 (10) 


The units are then converted pounds per square inch, and the resulting 
relationship plotted Fig. 4000 psi (27.6 MPa). 

manner similar the British code, the Australian code SAA CA2 (1973) 
(9) gives discrete values which dependent upon both and 
However, unlike the British code where the values are based test 
results, the Australian code provision based semirational formula (Eq. 
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11) for the calculation diagonal tension cracking strength: 


square inch. 


The Australian code provision plotted Fig. for 4,000 psi (27.6 
MPa). noted that this code allows further increase for 
0.035. 

Other nonlinear regression relationships plotted Fig. are: 


Equation 12: 


Zsutty’s (10) equation form, which for the data gives: 
58.89 
a 


noted that Zsutty’s original equation is: 


for diagonal tension cracking strength analysis beams having a/d 2.5. 
Placas’ and Regan’s (8) equation format: 


The original equation proposed Placas and Regan is: 


13a and are plotted Fig. 4,000 psi (27.6 MPa) and 
13a plotted for a/d values and 

can seen Fig. that the provisions the British and the Australian 
codes are quite close Zsutty’s equation for a/d which the lower 
bound for Zsutty’s formulation. The equations proposed Zsutty and Placas 
and Regan exhibit high degree correlation 0.89 and 0.82, respectively) 
and relatively low prediction errors 12% and 15%, respectively). 
seen that including the a/d ratio the nonlinear equations, both and 
improved. However, the data base forming the regression analyses includes 
beams which the lower limit a/d two rather than 2.5. the case 
Placas’ and Regan’s equation (Eq. 14), this done attempt simplify 
the equation form eliminating the a/d ratio the equations. course, 
the slightly lower values and slightly higher values resulting from this 
simplification, can offset lowering the value (37.06) the coefficient 
the regression (Eq. 14a) by, say, 10% (making the coefficient equal 33.42 


Vor 
d\'? 
a 
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which can rounded off 33) suggested Placas and Regan (8) order 
safer for design applications, i.e.: 


Vor 33 


Equation which similar Zsutty’s equation for a/d equal about 
six, and the provisions the British and Australian codes, can incorporated 
into design manner similar that the Australian and the British codes. 


RECOMMENDATIONS 


The investigation has confirmed strong relationship between and p,, 
particularly lightly reinforced members having p,, 0.015. This relationship 
not reflected the provisions ACI 318-77 which can unsafe when 
used for members with low values recommended that the effect 
p,, should incorporated the code provisions, least for lightly reinforced 
members and especially shear reinforcement not provided. This would 


EQUATION Ib 
PROPOSED BY COMMITTEE 


CEB — EQUATION 


) 
EQUATION PROPOSED BY AUTHORS 
b 


wll 
0.010 


“> 
= ©.0+ 10 2), £2.25 
Pre 


FIG. 8.—Plot Proposed Basic Shear Stress Equation (Recommended for Design) 


agreement with the formats several other concrete codes, although 
the CEB approach does not consider p,, have any effect members 
containing shear reinforcement. 

recommended ACI-ASCE Committee 426, the use basic shear 
stress, v,, instead v., and which represents lower bound would 
more effective calculating the concrete the shear strength 
wide range members. 

shown that the basic shear stress equation form, recommended 
ACI-ASCE Committee 426, feasible. However, the high value the 
data for low values can better accounted for using the following 
bilinear equation for design: 


The proposed Eq. derived for slender (a/d 2.0) nonprestressed 


A. 
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reinforced concrete beams without web reinforcement and subjected concen- 
trated loads. This equation would conservative for other types loading. 
Equation plotted Fig. together with the test data for simple beams 
made normal weight concrete 1). Figure also contains plots the 
ACI-ASCE Committee 426 recommendation and the CEB form, which seen 
very conservative. The latter format being bilinear more easy apply 
than Eq. 16, however higher limit 2.25 instead 2.0 

appears warranted. 

should noted that all the data points for low values lie above 
the proposed Eq. 16. Further, has value 0.0036 the intercept 
1.0 and the sloping portion Eq. 16; while ACI 318-77 specifies 
minimum value 0.0033 flexural members for which 60,000 
psi (414 MPa). 

feasible alternative Eq. the nonlinear relationship used the British 
Code which presents the design values tabular form, and which represents 
the data quite well. 


The data base used for the regression analysis includes the following categories 
beams well their sources. 


Simply supported rectangular beams 

Clark (1951) beams 
Moody, al. (1954) beams 
Sozen, Zwoyer, and Siess (1960) beam 

Diaz Cossio and Siess (1960) beams 
Bower and Viest (1960) beams 
Taylor (1960) beams 
Van den Berg (1962) beams 
Bresler and Scordelis (1963) beams 
Mathey and Watstein (1963) beams 
Kani (1966) beams 
Baron (1966) beam 

Krefeld and Thurston (1966) beams 
Kani (1967) beams 
Rajagopalan and Ferguson (1968) beams 
Taylor (1968) beams 
Mattock (1969) beams 
Placas and Regan (1971) beams 
From writers’ experimental study beam 


Simply supported T-beams 
Ferguson and Thompson (1953) beams 
Placas and Regan (1971) beams 
Al-Alusi (1957) beams 


Simply supported rectangular stub-beams 
(This category beam similar category except that the concentrated 
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load was applied via column stub built the beam instead the usual 
load bearing blocks.) 


Laupa, Siess and Newmark (1953) beams 
Diaz Cossio and Siess (1960) beams 
Morrow and Viest (1960) beams 


Simply supported restrained rectangular beams 
Moody, al. (1953) beams 
Bower and Viest (1960) beams 


Simply supported restrained T-beams 
Guralnick (1960) beams 


Two span continuous, rectangular beams 
Rodriguez, al. (1959) beams 
From writers’ experimental study beams 


total 276 beams thus obtained. The term used some the 
original references, has been converted tof’ for purposes this paper. 


“Suggested Revisions Shear Provisions for Building Codes,’’ ACI 426-IR-77, 
ACI-ASCE Committee 426, American Concrete Institute, 1979, pp. 

Code Requirements for Reinforced Standard 318-77, Detroit, 
Mich., 1977. 

“The Structural Use Concrete, 110: Part British Standards Institution, 
London, England, 1972. 

“International Recommendations for the Design and Construction Concrete Struc- 
Comité Européen Béton—Federation Internationale Precontrainte, 
Cement and Concrete Association, London, England, 1978. 

Kwun, M., Strength Reinforced Concrete Beams without Web Rein- 
thesis presented Queen’s University, Kingston, Ontario, Canada, 
1978, partial the requirements for the degree Master Science. 

MacGregor, G., and Gergely, P., Revisions ACI Building Code 
Clauses Dealing with Shear Journal the American Concrete Institute, 
Vol. 74, No. 10, Oct., 1979, pp. 493-509. 

Neville, M., Pitman Publishing Co., Ltd., London, 
England, 1973, pp. 475. 

Placas, A., and Regan, E., Failures Reinforced Concrete Journal 
the American Concrete Institute, Vol. 68, Oct., 1971, pp. 763-773. 

“SAA Code for Concrete Buildings, SAA-CA2-1973, Standards Association 
Australia. 

Zsutty, Shear Strength Prediction Analysis Existing Journal 
the American Concrete Institute, Vol. 65, Nov., 1968, pp. 943-951. 


The following symbols are used this paper: 


area prestressed tension reinforcement; 
area nonprestressed tension reinforcement; 
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shear span simply supported beams, i.e., distance between concen- 
trated load and face support; 

shear span restrained and continuous beams, i.e., distance from 
maximum +ve moment maximum —ve moment adjacent spans; 
width compression face flexural members; 

web width; 

effective depth section, i.e., distance from extreme compression 
fiber centroid longitudinal tension reinforcement; 

cylinder compressive strength concrete, pounds per square 
inch; 

square root cylinder compressive strength concrete, taken 
measure tensile strength concrete, having same unit f’, 
pounds per square inch; 

cube compressive strength concrete; 

modulus rupture concrete; 

splitting tensile strength concrete; 

yield strength reinforcement; 

overall depth beam; 

bending moment; 

cracking moment; 

maximum applied positive moment under load points; 

maximum applied negative moment; 

ultimate flexural capacity section calculated according ACI- 

correlation coefficient; 

shear force, general; 

shear force assumed carried concrete; 

diagonal tension cracking load, i.e., load which first diagonal 
tension crack has extended sufficiently into compression zone 
cause redistribution internal stresses; 

coefficient variation error, percent; 

ultimate shear strength beam; 

shear stress, general; 

proposed basic shear stress reflecting effect 

nominal permissible shear stress carried concrete; 

shear stress diagonal tension cracking; 

shear stress ultimate conditions; 

concrete density factor; 

nonprestressed longitudinal tension reinforcement ratio bd); and 
(A, 
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M., 

= 
= 
Vor 
= 
p = 
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ADDING FATIGUE LIFE COVER PLATE 


INTRODUCTION 


Fatigue cracking cover plate ends was one the causes past failures 
multigirder steel highway bridges. This problem, though not severe the 
present time, may expected increase the future many existing bridges 
are carrying higher average daily truck traffic and, thus, larger number 
stress range cycles than originally anticipated. 

The possibility future fatigue failures enhanced three trends: (1) 
The pressure increase the weight limit trucks; (2) the increased use 
high-strength steels which requires fatigue design many more details than 
necessary with lower strength steels; and (3) the reduction hidden safety 
margins traditionally conservative rules, analysis and design methods become 
more rigorous and accurate. 

For these reasons, the fatigue resistance critical details steel highway 
bridges should improved. Optimally, such improvements would lead 
allowable stress ranges higher than computed stress ranges, that fatigue would 
longer govern the design. 

The cover plate end potentially the most critical all details. places 
lower bound the fatigue strength bridge girders with weldments. This 
paper examines the potential benefits from two improvements the cover 
plate end detail. one, employed the Maryland State Highway Administration, 
the transverse end weld ground 1:3 taper (6). the other, implemented 
the construction the Kreekrakdam Bridge (5), the ends are bolted instead 
welded. Both provide smoother stress flow from the flange the cover 


plate, thereby reducing the stress concentration factor and increasing the crack 
initiation life. 


Several attempts have been made the past improve the fatigue life 
beams with cover plates. 


Engr., Sverdrup and Parcel and Assoc., Silver Spring, Md. 

Prof., Dept. Civ. Engrg., Univ. Maryland, College Park, Md. 20742. 

Note. —Discussion open until October 1981. extend the closing date one month, 
written request must filed with the Manager Technical and Professional Publications, 
ASCE. Manuscript was submitted for review for possible publication June 1980. 
This paper part the Journal the Structural Division, Proceedings the American 
Society Civil Engineers, Vol. 107, No. May, 1981. ISSN 0044- 
8001 /81 0005-0923 /$01.00. 
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total 120 beams were tested Lehigh University (1) determine 
the fatigue behavior various cover plate geometries. was found that the 
fatigue life did not change significantly when: (1) The transverse end weld was 
left out; (2) the cover plate width was tapered; (3) multiple cover plates 
were provided. None these details reduced the stress concentration below 
that the cover plate with transverse end welds. result, all cover plate 
end details are designed the allowable stress ranges Category (4) which 
are shown continuous line, Fig. 

The results beams tested the University Maryland (6) showed 
that grinding the transverse end weld taper 1:3 reduced the stress 
concentration effect. This increased the fatigue life factor about four, 
i.e., from Category Figure shows that the data for the end-welded 
and ground-cover plates fall above the American Association State Highway 


- 
3 
= 


@ END-BOLTED 
© END-WELDED 
ANO GROUND 


CYCLES TO FAILURE 


FIG. Data for End-Welded and Ground Cover Plates and End-Bolted Cover 
Plates 


and Transportation Officials (AASHTO) allowable stress range line for Category 
This detail represents upper limit the fatigue strength the end-welded 
cover plate, since half the specimens failed from fatigue cracks which initiated 
the weld root while the other half still initiated from the weld toe. Although 
the stress concentration the toe the transverse end weld could conceivably 
further reduced, the weld root remains inaccessible. The fabrication procedure 
for this detail and the manner which cracks initiate and propagate are described 
Ref. 

additional beams were tested Lehigh University (2) with the 
weld toes either: (1) Remelted with Tungsten Inert Gas weld pass remove 
initial flaws and round out the toe; (2) air-hammer peened introduce residual 
compressive stresses. The procedure proved effective, but failure from the 


FLANGE 
COVER PLATE 
20 ae ° 
@ 

10 

FLANGE CATEGORY 
5 

COVER PLATE WELD 
3 
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inaccessible weld root placed again upper limit the fatigue strength. 

practical way raising the fatigue strength above Category consists 
stopping the longitudinal welds short the end about one cover plate 
width and leaving the transverse end welds out. The loose end then high-strength 
bolted the flange with friction-type connection. Two fatigue tests, done 
Holland prior the construction the Kreekrakdam Bridges which employ 
this detail (5), and related fatigue test data for bolted connections suggest that 
bolting the cover plate end may, indeed, increase the allowable fatigue life 
from Category Category that factor about 12. The two 
data points are plotted with solid circles Fig. They fall above the allowable 
stress range line for Category The combined use bolts and welds the 
same connection acceptable long the bolted part designed for load 
transfer through friction rather than bearing. the plates not slip along 
the faying surface, the load will not shed back into weldment. 
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current practice, cover plates are designed for fatigue using the allowable 
stress ranges for Category regardless the type end detail specified 
the designer. credit taken for the possible improvements mentioned 
previously. The purpose this study perform parametric analysis 
short-span steel highway bridges and demonstrate these potential benefits 
terms both the fatigue life increase and the savings steel that can 
obtained either grinding bolting the cover plate end. Fabrication costs 
are also considered. 

Simple-span and two-span continuous highway bridges were chosen. The 
simple-span bridges vary from 45-ft-60-ft length (13.72 m-18.29 m), and have 
24-ft (7.32-m) roadway. They are composite construction, fabricated from 
A588 steel and designed for H-15 loading. The two-span continuous bridges, 
selected from among standard bridges that conform the current design and 
construction practice, have spans ranging from ft-70 ft-100 ft-100 (21.34 
m-30.48 m), and 44-ft (13.41-m) roadway. They are composite 
construction, fabricated from A36 steel and designed for HS-20 loading. 

Calculations not reported herein were done for noncomposite simple-span 
bridges ft-60 (13.72 length. The design was governed 
deflection all cases. 

The detailed analysis and design the bridges examined this study are 
reported Ref. Only the results these analyses are presented herein. 


Given below information pertinent the analysis and design the 
simple-span composite bridges. 


Span length: ft, ft, ft, and (13.72 15.24 16.76 
and 18.29 m). 


24-ft (7.32-m) roadway. 


Composite construction; rolled beam with cover plate; working stress 
design. 
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Four girders spaced in. (2.06 m). 
6-1/2-in. (0.17 reinforced concrete slab. 

AASHTO loading. 

AASHTO Fatigue Specifications, Article 1.7.2; assume Category for 
end-bolted cover plate, and Category for end-welded and ground cover plate. 

Steel: ksi (344 MPa). 

10. Cover plate cut-off points: (1) For maximum moment—two times cover 
plate width plus in. (76 mm) beyond theoretical cut-off point (see AASHTO 
Art. 1.17.12) (4); and (2) for fatigue—where computed stress range equals 
allowable value. 


Figure shows the cross section all simple-span bridges. The girder and 
cover plate sizes needed carry the maximum midspan moment are given 
Table for all spans. 

The fatigue analysis was performed for two cases loading: (1) Case 
over 2,000,000 cycles; and (2) Case II, 500,000 cycles. The cover plates were: 
(1) End welded; (2) end welded and ground; (3) end bolted. 


FIG. 2.—Cross Section All Simple-Span Bridges 


example, Fig. shows the cover plate arrangement and the bending 
stress diagram for the W24 rolled beam the 45-ft (13.72-m) span bridge 
designed for over 2,000,000 cycles. The two curves give the bending stress 
along the bottom fiber the rolled beam for dead load (DL) and dead load 
plus live load plus impact (DL respectively. The difference between 
the two curves the stress range. Also shown Fig. the cover plate 
length for all three details, required for Case loading. The end-bolted cover 
plate was terminated the cut-off point for maximum moment since fatigue 
did not govern the design. The length the end welded, and the end welded 
and ground cover plates was governed fatigue. Therefore, the plates had 
respectively, the points where the computed stress range dropped value 
equal the allowable stress range. 

Summarized Tables 2-4 are the cover plate lengths, girder weights, and 
the computed stress ranges, respectively, for all three end details. For emphasis, 
dashed line separates the designs governed fatigue (those above the line) 
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from the designs governed maximum stress (those below the line). 
evaluation the results Tables 2-4 leads the following findings. 
End-Welded Cover Plate (Category E): Case (over 2,000,000 Cycles).— Fatigue 
governed the design for all spans. The cover plates had extended beyond 
the cut-off point for maximum moment in.-14 in. (3.35 m-4.52 
the 60-ft-45-ft (18.29-m-13.72-m) span bridges, respectively. 


TABLE 1.—Size Girder and Cover Plate for Simple-Span Bridges 


Rolled section 
(2) 


Span, feet Cover plate, inches 


(3) 


W24 5/8 5-1/2 


3/4x7 


END-WELDED 


END-BOLTED 


STRESS ( Ksi) 


FIG. Plate Arrangement and Bending Stress Diagram for Rolled Beam 
45-ft Simple-Span Bridge; Loading Case over 2,000,000 Cycles 


Case II: 500,000 Cycles.—Maximum stress controlled the design for all spans. 
The computed stress range the cover plate end was, the average, 10.0 
ksi/12.5 ksi (68.9 MPa/86.1 MPa) 80% the AASHTO allowable value 
for Category (see Table 4). Since fatigue life varies inversely with the third 
power stress range (slope S-N plot —1/3), the detail can safely sustain 
two times more than the allowable 500,000 cycles. 

End-Welded and Ground Cover Plate (Category C): Case (over 2,000,000 


(1) 
Note: in. 25.4 mm. 
| 
: | END-WELDED & GROUND 
20 | 
30 OL 
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Cycles).—Cover plate extensions because fatigue were only needed for the 
45-ft (13.72 and 50-ft (15.24 spans, and then only the short lengths 
in. (1.17 and in. (0.56 respectively. Fatigue did not 
govern the design the other two spans. The weight one girder with end-welded 


TABLE 2.—Cover Plate Length for Simple-Span Bridges 


Loading 
(1) 
Case Over End-welded 
10° cycles End-welded in. in. in. ft-8 in. 
and ground 


ft-8 in. 


cycles ft-8 in. 


Note: in. 25.4 mm; cover plate lengths above dashed line are governed fatigue; 
those below the dashed line are governed maximum stress. 


TABLE 3.—Total Girder and Cover Plate Weight for Simple-Span Bridges, pounds 


Mean weight savings, 
Loading percent 
(7) 
Case Over End-welded 
and ground 
End-bolted 
cycles 


TABLE 4.—Computed Stress Range Cut-off Point for Maximum Moment 
Simple-Span Bridges 


Variable 
(1) 
Span, feet 
Stress range, kips per square inch 


Note: ksi 6.89 MPa. 


and ground cover plate was the average 3.7% less than that girder 
with end-welded cover plate (see Table 3). 
Case stress controlled the design. the cover plate end, 


Span 
Span 
Data 
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the stress range was average, only 10.0 ksi/19.0 ksi (68.9 MPa/131 MPa) 
53% the allowable value for Category The detail can safely sustain 
6.7 times more than the allowable 500,000 cycles. 

End-Bolted Cover Plate (Category B).—In neither Case nor Case did fatigue 
govern the design, and the girders are therefore identical for both cases. The 
cover plates were terminated the cut-off point for maximum moment where 
the stress range Table was average, ksi (41.3 MPa) less than the 
safe fatigue limit ksi (110 MPa). This means infinite fatigue life for 
both Case and II. The total weight one girder with end-bolted cover plate 


was 4.0% less than the average weight girder with end-welded cover plate 
(see Table 3). 


Continuous 


The second type bridge examined this study had two continuous spans. 
General information for these bridges given follows. 


Span length.—70 ft-70 ft, ft-80 ft, ft-90 ft, 100 ft-100 (21.3 m-21.3 
24.4 m-24.4 27.4 m-27.4 30.5 m-30.5 m). 
44-ft (13.4-m) roadway. 
Composite construction (positive moment region only); rolled beam with 
cover plate; working stress design. 
Six girders spaced in. (2.39 m). 
7-1/2-in. (0.19-m) reinforced concrete slab. 
AASHTO HS-20 loading. 
AASHTO Fatigue Specifications, Article 1.7.2; assume Category for 
end-bolted cover plate, and Category for end-welded and ground cover plate. 
10. Cover plate cut-off point (same criteria for simple-span bridges). 


The bridge cross section similar the one for the simple-span bridges 
shown Fig. The sizes the girder and the cover plates needed carry 
the maximum positive moment and the moment over the interior support are 
given Table for all spans. for the simple-span bridges, the fatigue analysis 
was performed for Loading Cases and II, and for three cover plate end details. 


TABLE 5.—Size Girder and Cover Plate for Two-Span Continuous Bridges 


Cover Plate, inches 


Rolled Positive moment: Negative moment: 


section bottom top and bottom 
(2) (3) (4) 


Note: in. 25.4 mm. 


Span, 
feet 
(1) 
70-70 
80-80 
90-90 
100-100 
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The bending stress diagram for the W36 135 rolled beam the ft-70 
(21.3 m-21.3 span bridge shown Fig. The two sets curves 
give the bending stress along the extreme fibers the top flange and the bottom 
flange for two conditions: (1) Dead load plus maximum live load; and (2) dead 
load plus minimum live load. The difference between the two curves the 
same set the stress range for that fiber. 

Figure shows the cover plate arrangement for the three types end detail 
used ft-70 (21.3 m-21.3 span bridge subjected Case loading. 
All end-bolted cover plates were terminated the cutoff points for maximum 
stress, since fatigue did not govern the design. 


TOP FLANGE STRESS (ksi) 


FIG. 4.—Bending Stress Diagram for Rolled Beam ft-70 Two-Span Continuous 
Bridges 


The length the end-welded and ground cover plates was governed fatigue. 
The left end the positive-moment 3/8 in. (10 254 mm) cover 
plate, labeled No. Fig. 5(b), was extended where the computed stress 
range dropped the 10-ksi (69-MPa) allowable stress range for Category 

the right, the 3/8 in. in. (10 254 plate was extended 
point No. Fig. and then butt welded the negative moment 3/4 
in. in. (19 254 bottom cover plate where the thicker plate was 
needed carry the moment. This design was chosen because was the most 
economical. The ground and tapered butt weld, done prior welding the combined 
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plate the flange, falls under Category and was not fatigue critical. 
the top, was not necessary carry the plate beyond point No. Fig. 
5(b) since, coincidence, the computed stress range its end was ksi 
(69 MPa). 

The low fatigue strength the end-welded detail required even longer cover 
plates, shown Fig. Their arrangement differed two ways from 
that considered connection with Fig. 5(b). First, end No. was shifted 
additional in. (1.90 the left where the computed stress range 
fell ksi (34.5 MPa). Secondly, the same had done end No. 
For reasons economy, this extension was done with lighter 3/8 in. 
in. (10 254 mm) plate which was then butt welded the 3/4 in. 


PL. 
(a) _END-WELDED 


END-BOLTED 


FIG. Plate Arrangement for ft-70 Two-Span Continuous Bridge; 
Loading Case over 2,000,000 Cycles 


in. (19 254 mm) plate where the former longer sufficed 
carry the moment. 

Tables 6-8 summarize the cover plate lengths, girder weights, and the computed 
ranges, respectively, for all three end details. Again, dashed line separates 
the designs governed fatigue (above the line) from those governed maximum 
stress (below the line). The tabulated results the analysis are considered 
follows type end detail. 

End-Welded Cover Plate (Category E): Case (over 2,000,000 Cycles).— Fatigue 
governed the design for all spans. Since all calculated stress ranges Table 
are higher than the 5-ksi (34.5-MPa) allowable stress range, the cover plates 
had extended locations and The total extension given 
the difference between the corresponding cover plate lengths the first and 


(b) 
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third lines Table These differences are shown for the ft-70-ft (21.3 
m-21.3 bridge Figs. 5(a) and Note that only the first in. 
(1.62 the (21.3 long bottom flange without cover plates. This 
attests the extreme fatigue severity the detail. 


TABLE 6.—Total Cover Plate Lengths for Two-Span Continuous Bridges 


SPAN, feet 


70-70 80-80 90-90 100-100 


Cover Plate Section 


3/8 3/4 1/2 1-1/4 3/4 1-3/4 5/8 1-1/4 
(1) (3) (4) (5) (6) (7) (8) (9) (10) 
Over welded in. in. in. in. in. in. in. 
and 
ground 
End- 
bolted in. in. 
Case End- 115 
cycles All others 


Note: in. 25.4 mm; cover plate lengths above dashed lines are governed fatigue; those 
below dashed line are governed maximum stress. 


TABLE 7.—Total Girder and Cover Plate Weight for Two-Span Continuous Bridges, 
pounds 


Span, feet 
Mean 
weight savings, 
Loading 100-100 percent 
(1) (6) 
Case Over2 End-welded 39,863 55,880 
10° cycles End-welded 38,765 54,475 
and ground 

End-bolted 38,034 53,187 

Case II: 10° 53,515 
cycles 53,187 


Case 500,000 Cycles.—Fatigue governed the cover plate length only 
location where the corresponding stress ranges Table exceeded the 12.5-ksi 
(86.1-MPa) allowable stress range. Therefore, all but the 100-ft (30.5-m) span, 
the right end the cover plate had extended the 
negative-moment cover plate. extensions were needed locations and 
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The generally shorter lengths for Case are evident from comparison 
the values the fourth line Table with those the first line. 

End-Welded and Ground Cover Plate (Category C): Case I.—The cover plate 
lengths are still governed fatigue although the allowable stress range 
ksi (69 MPa), that twice the value for the end-welded detail. But, since 
overall lengths are shorter (see first and second lines Table 6), the average 
girder 2.5% lighter than that with end-welded cover plates, indicated 
Table 

Case longer governs the design since the 19.0-ksi (131-MPa) 
allowable stress range exceeds all computed stress ranges listed Table 

End-Bolted Cover Plate (Category B).—In neither Case nor Case did fatigue 
govern. The designs were therefore identical for both cases. All stress ranges 
Table were less than the safe fatigue limit ksi (110 MPa). For Case 
total cover plate lengths were less than half those for end-welded details. 


TABLE 8.—Computed Stress Range Cut-Off Points for Maximum Moment 
Two-Span Continuous Bridges, kips per square inch 


Span, feet 


Location [see Fig. 5(c)] 80-80 90-90 100-100 
(1) (2) (3) (4) (5) 


10.8 
15.2 
12.0 


Note: ksi 6.89 MPa. 


Total girder weight savings were, average, 5.0% and 1.9% for Case and 
respectively (see Table 7). 


Economic 


evaluation the improved details would not complete without weighing 
the savings the cost the cover plate material against the added expense 
end griding end bolting. Such economic analysis was performed for 
the 45-ft (13.72-m) simple-span bridge and the ft-70 (21.3 m-21.3 two-span 
bridge. 

The following give information needed estimate the cost one girder. 
Beam sections, cover plate size, and length are listed Tables and 
for both bridges. The longitudinal flange-to-cover plate fillet welds were 1/4 
in. (6.4 mm) and 5/16 in. mm) for the simple-span and two-span bridge, 
respectively. The end-welded detail had transverse weld same size the 
longitudinal welds. The end-welded and ground detail had beveled cover plate 
end and built-up transverse weld, both being ground after welding continuous 
1:3 taper such that the short leg the transverse weld was the same size 
the leg the longitudinal weld. 

the end-bolted details, the longitudinal fillet welds were stopped short 
the cover plate end length sufficient place the number 7/8-in. 
(22 mm) diam A325 high strength bolts needed fully develop the cover plate 


10.0 

13.0 

9.5 
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with friction-type connection designed 13.5 ksi (93 MPa) allowable shear 
stress. The required number was: (1) Eight bolts each cover plate end 
the simple-span bridge; and (2) ten and bolts, respectively, the ends 
the positive-moment and the negative-moment tension cover plates the two-span 
bridge. The negative-moment tension cover plate was end-welded because the 
detail was not fatigue critical. The pitch from the last bolt line the beginning 
the longitudinal weld was 1-1/2 in. (38 mm). All other pitch, gage, and 
end distances were standard. 

The cost dollars fabricating one girder the two bridges, each with 
the three different end-details, was estimated fabricator who had previously 
fabricated all three types girder. The cost included company profit; excluded 
painting and freight. allowance was made for nondestructive testing the 
end-welded and ground detail alone. 

The estimated cost one 45-ft (13.72-m) simple-span girder with either 
end-welded and ground end-bolted cover plate 98.4% and 102.5%, 
respectively, that for the girder with standard end-welded cover plates. 
Evidently, the saving the cost cover plate material just about offset the 
added expense end grinding end bolting. 

The estimated cost one ft-70 (21.3 m-21.3 two-span girder with 
either end-welded and ground end-bolted cover plates 96.5% and 92.2%, 
respectively. Both are less costly than the end-welded construction. 

The cost trends should similar for the bridges with longer spans examined 
the parametric analysis. 


RECOMMENDATIONS 


The parametric analysis simple-span and two-span continuous bridges 
demonstrated the advantages improved detailing cover plate ends. The 
following main conclusions are valid for the range parameters examined 
this study. However, they can expected hold for other combinations 
type steel, span length, roadway width, and girder spacing. 

was found that all end-bolted cover plates could terminated the 
theoretical cut-off point because fatigue never controlled the design. all but 
one cover plate end (location No. Fig. 5c), the stress range was from 
4.0 ksi-7.0 ksi (27 MPa) lower than the safe fatigue limit for Category 
details. location No. was 0.7 ksi-3 ksi MPa-21 MPa) lower. The 
girders were lighter than those with conventional end-welded cover 
plates. This type construction increased the cost 2.5% for the (13.72 
simple-span bridge, but decreased 7.8% for the ft-70 (21.3 m-21.3 
two-span bridge. 

When the end weld was ground 1:3 taper, fatigue still governed the 
design for over 2,000,000 cycles, but longer for 500,000 cycles. Required 
cover plate lengths were shorter than those with conventional, unfinished end 
welds, affording girder weight reduction 3.7%. girder with end-welded 
and ground cover plates would cost 1.6% and 3.5% less than the conventional 
construction for the 45-ft (13.72-m) simple-span bridge and the ft-70 (21.3 
m-21.3 two-span bridge, respectively. 

The principal reason for improving the end details increase fatigue life; 
not cost. Admittedly, being able increase fatigue life, while 


ST5 COVER PLATE ENDS 935 


holding even reducing the cost makes the proposition even more attractive. 

Based extensive fatigue cracking found the Yellow Mill Pond Bridges 
Interstate 95, Connecticut, and recent experimental work (7), the allowable 
stress ranges the transverse end weld cover plates thicker than 0.8 in. 
(20 mm) were lowered from Category newly created Category (8). 
For example, the safe fatigue limit was lowered from ksi (35 MPa) 
ksi (21 MPa). This makes conventional cover-plated rolled beam construction 
uneconomical. Adding this the need maintain adequate safety margins 
against fatigue times increasing truck weights and traffic volumes makes 
compelling case for the use better details. 

The Maryland State Highway Administration has been using for years 
the end-welded and ground detail—designed Category E—on all cover-plated 
rolled beams. 1977, the improvement this detail made fatigue life was 
reported (6). Currently, the Maryland State Highway Administration and the 
Federal Highway Administration are sponsoring the University Maryland 
research program define experimentally the fatigue strength end-bolted 
cover plates. 

The writers recommend that bridge engineers specify either end-bolted 
end-welded and ground details for all new coverplated girder construction, while 
still designing them Category until AASHTO adopts higher allowable stress 
ranges. Conventionally end-welded cover plates should not used because 
their low fatigue resistance. 


ACKNOWLEDGMENTS 


The work reported herein was supported part the Maryland State Highway 
Administration Cooperation with the Federal Highway Administration. The 
contents reflect the views the writers and not necessarily those the sponsors. 


Fisher, W., Frank, H., Hirt, A., and McNamee, Weldments 
the Fatigue Strength Steel NCHRP Report No. 102, Highway Research 
Board, National Academy Sciences-National Research Council, Washington, 
1970. 

Fisher, W., Sullivan, D., and Pense, W., Fatigue Strength and 
Repairing Fatigue Damage,’’ Fritz Engineering Laboratory Report No. 385.3, Lehigh 
University, Bethlehem, Pa., Dec., 1974 

Simon, S., and Albrecht, P., Life Improvement Bridge Girders Using 
End-Bolted Cover Civil Engineering Report, University Maryland, College 
Park, Md., Nov., 1978. 

“Standard Specification for Highway American Association State Highway 
and Transportation Officials, Washington, D.C., 1977. 

Van der Schaaf, T., Jr., Bridges the Kreekrakdam the New Scheldthrhine 
Acier-Stahl-Steel (Netherlands), Nov., 1974. 

Yamada, K., and Albrecht, P., Behavior Two Flange Journal 
the Structural Division, ASCE, Vol. 103, No. ST4, Proc. Paper 12875, Apr., 1977, 
pp. 781-791. 

Fisher, W., Procedures for Fatigue-Damaged Full-Scale Welded Bridge 
NCHRP Research Results Digest 101, Apr., 1978. 

Specifications for American Association State Highway and 
Transportation Officials, Washington, D.C., 1979. 


MAY 1981 


NONLINEAR SEISMIC ANALYSIS 
R/C 


INTRODUCTION 


Analyses the inelastic response reinforced concrete structures strong 
ground motion may use the structural designer evaluating relative 
merits different structural framing proportioning schemes, both, and 
estimating the relative effects different ground motions. The use such 
analyses (7,10) often hampered the necessity powerful computer, 
computer costs (considering that many complete solutions are required develop 
perspective the significance the results), the time involved developing 
confidence infrequently used computer program, and the cost input 
preparation. 

The object this paper describe simple analytical model 
for the calculation displacement histories multistory reinforced concrete 
structures subjected strong ground motions. Results based this model, 
called the Q-model, are compared with displacement histories recorded 
earthquake-simulation experiments eight small-scale structures. 


Two types simplifications are involved the development the Q-Model: 
(1) Reduction multidegree-of-freedom (MDOF) model structure 
single degree-of-freedom (SDOF) oscillator; and (2) approximation the varying 
incremental stiffness properties the entire structure single nonlinear 
spring. Although the two types simplifications are interdependent, they will 
described separately. Reduction the SDOF oscillator established 
and explicit procedure. Definition the hysteretic response the nonlinear 
spring involves assumptions particular behavior reinforced concrete struc- 
tures. 

Properties SDOF Oscillator.—Properties the SDOF oscillator are related 
those the MDOF model building following the derivation Biggs 

Prof. Civ. Engrg., Univ. Nevada, Reno, Nev. 89557. 

Civ. Engrg., Univ. Illinois Urbana, 61801. 

Note.—Discussion open until October 1981. extend the closing date one month, 
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ASCE. Manuscript was submitted for review for possible publication November 14, 
1979. This paper part the Journal the Structural Division, Proceedings the 
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(2) who uses the differential equation dynamic equilibrium for oscillator 


which total mass the MDOF system; stiffness the MDOF 
system (overall stiffness defined terms particular lateral force and 
particular horizontal displacement); total external force the MDOF 
system (for MDOF system subjected base motion, —M, 
lateral displacement the mass the SDOF oscillator with respect its 
numeral identifying level MDOF system; total number levels 


Equivalent Height (Le) 


2100 


FIG. 1.—Relationship Q-Model Multistory Structure: (a) Static Lateral Loads; 
(b) Q-Model; (c) Force-Displacement Relationships 


MDOF system; and ratio assumed displacement level that 
level 


Substituting —M, Eq. dividing both sides a,, and adding 
damping force 


which (a,,/a,) M,; and viscous damping coefficient. 

the MDOF model. Instead working with deflected shape corresponding 
vibration mode, the deflected shape the MDOF system determined 


her 
Equivalent Moss (M,.) 
— c 
te 
Calculated ~ 
idealized 
j 
y i 
00204 0o8 12 16 20 24 
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the course establishing the force-displacement properties the 
structure analyzed, explained the following. 

Force-Displacement response the the 
Q-Model based nonlinear force-displacement curve relationship obtained 
for the properties the structure analyzed, with the assumption that subjected 
set monotonically increasing external forces (the static force-displacement 
curve). The basic curve, assumed symmetrical with respect the origin 
defined zero load and zero displacement, calculated for 
force distribution: the lateral force given level proportional the product 
the height and mass that level. The triangular force distribution was chosen 
because simple, because gave acceptable results and because has been 
shown result force-displacement relationships similar those obtained 
from force distributions compatible with first-mode combined-modes (9). 


Primary 
Curve 


Deformation 


FIG. Force-Displacement History Showing Application Four Hys- 
teresis Rules 


The moment-curvature relationships individual elements are calculated 
routinely (8) from known assumed properties. From those relationships, the 
variation the top-level displacement with base moment established [Curve 
Fig. Curve then idealized two straight lines, the knee 
the resulting bilinear relationship implying synthetic yield point. This key 
decision must left the judgment the analyst, even though prescriptive 
tules are suggested connection with the determination force-displacement 
curves for the test structures considered this paper. 

possible construct the bilinear primary curve using the limit analysis 
method find the point, and assign arbitrary slope for the post-yielding 
stage. 

The deflected shape the knee the bilinear force-displacement curve 
assumed describe the characteristic vibration shape the building The 
height, the equivalent mass the Q-Model determined from 
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which the height level from the base. The equivalent mass 
assumed lumped provide direct correlation with the MODF 
system. 

Effective stiffness, the MDOF model defined terms the base 
moment and the displacement height 

Eq. integrated Newmark’s B-method (6) with 1/4. the analyses 
included this paper mass-dependent viscous-damping factor 0.02 was 
used. 

value the incremental stiffness any stage loading 
(away from the deformation axis) unloading (toward the deformation axis) 
defined set rules operating the bilinear primary curve. The primary 
curve antisymmetrical (Fig. 2). 

simplify hysteresis, the last largest excursion point both directions 
the largest excursion point either direction. 

Unloading stiffness either side the deformation axis defined 


> 0.4 


Loading stiffness either side the deformation axis may be: 


the point the portion the primary curve with the slope 
K2. 
Equal the steeper of: (a) The slope obtained joining the most recent 
deformation axis intercept with the point the primary curve corresponding 


the same side the deformation axis; and (b) the most recent 
return slope. 


Test Structures 


Displacement histories eight 10-story small-scale test structures subjected 
strong base motion were calculated using the Q-Model. This section provides 
brief descriptions the properties the structures which may considered 
two groups: (1) Frames; and (2) frame-wall combinations. 

Frame-structures and differed from and MF2 (Fig. that 
and had uniform story heights. Each test structure comprised two identical 
frames carrying story masses approx 2.64 (462 kg). [For 
only, the first-story mass was 1.66 (290 kg.)] 

The lateral-load resisting system test structures was made 
central slender wall working parallel with two frames (Fig. 4). Individual 
story masses were approx 2.64 (462 kg). Reinforcement for FW4 
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was the same that for and reinforcement for FW3 was the same 
that for FW2. 


Hi ond H2 


Beams 


Ext Columns 


1 
heal 

| 

a3 int Columns 


480 MPa 


MF2 
# Indicates Wire 
All Dimensions in Millimeters 


FIG. 3.—Test Structures H1, H2, MF1, and MF2 


= 
ve 


Ea 


10 ot 229 = 2290 


¢ * 33. MPo 


= 34.5MPo (FW3) 


# Indicate Gage Wire Number 
All Dimensions in Millimeters 


FIG. 4.—Test Structures FW1, FW2, FW3, and FW4 


Each structure was subjected base motion simulating one horizontal 
component measured earthquake motion. Details structures and tests 
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are provided Abrams (1) for Cecen (3) for and H2, Healey 
(4) for MF1, and Moehle (5) for MF2. 


Force-displacement relationships were calculated, described earlier the 
paper, from section properties individual elements. Joints were assumed 
rigid. Axial and shear deformations were neglected. determining column 
moment-curvature relationships, weight test structure was considered, but 
axial-load changes caused inertia forces were ignored. The curves obtained 
are represented the solid curves Fig. 


Structures ---MF 


Structures FW! @ Fw4 Structures Fw2 @ 
Calculated 


FIG. 5.—Normalized Moment-Displacement Diagrams 


suit the selected hysteresis routine, each curve was idealized two linear 
segments with the knee break point the bilinear relationship determined 
the following procedure: 


Draw tangent the initial portion the calculated curve. 
Draw two lines parallel the initial tangent abscissas 0.002 and 
0.003. 


Locate the break point the portion the curve bounded the lines 
drawn step 


The slope the second segment was set joining the break-point 
point, the calculated curve, with abscissa five times the abscissa 
the break-point. The deflected shapes for the MDOF models and properties 
the SDOF models are listed Tables and 
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Calculated and measured top-level displacement histories are shown Figs. 
6-9 with broken lines representing the experimental results. Each figure also 
contains the base acceleration record. Base motions simulated component 


TABLE Parameters for Different Structures 


Equivalent 
mass, Equivalent initial 
K-square height, (M/M*) frequency, 
Structure inch (tons) (meters) break point per second 
(1) (2) (4) (7) 


MF2 


FW2 FW3 


Note: sum the products story weights and corresponding heights from 
the base; slope idealized primary curve for the equivalent system; slope 
branch the idealized primary curve (Fig. 5). 


TABLE 2.—Assumed Deformed Shapes for Structures 


Centro 1940 (for all structures but FW3 and FW4) and N21E component 
Taft 1952 (for FW3 and FW4) records. the tests, the time axis was compressed 
factor 2.5 such that sec the model environment corresponded 
sec real time, order excite the model structures which had initial 
fundamental frequencies the order Hz. 


(3.69) (1.58) 
(3.68) (1.59) 
(3.60) (1.59) 
(3.36) (1.64) 
(3.36) (1.63) 
(1) (5) (6) 
1.00 1.00 1.00 1.00 1.00 
0.98 0.97 0.97 0.93 0.92 
0.95 0.92 0.92 0.85 0.83 
0.88 0.86 0.87 0.75 0.74 
0.79 0.79 0.79 0.64 0.63 
0.66 0.69 0.70 0.51 0.51 
0.52 0.57 0.59 0.37 0.39 
0.37 0.43 0.46 0.24 0.26 
0.22 0.27 0.29 0.12 0.15 
0.08 0.13 0.13 0.03 0.05 
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all cases but one, the results reported refer the test which the structure 
was subjected simulated earthquake for the first time. Structure had 
undergone two test runs, with lower-intensity base motions, before the test 
run for which the displacement history given. every test run reported, 


Hi RUN 1 
BASE ACCELERATION ( G ) SIMULATED ELCENTRO 


— Caiculated 
—---- Meosured 


He RUN 3 
BASE ACCELERATION ([ SIMULATED ELCENTRO 


—— Colculated 
—--— Meosured 


TIME. SEC. 


FIG. Acceleration and Displacement Histories for Test Structures and 


the base motion was strong enough cause yielding various components 
the structure. 
judge the success the Q-Model single quantitative index would 


MENT 
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misleading. single criterion cannot reflect every function that nonlinear-re- 
sponse analysis would serve such determination maximum response and 
its time, number and distribution (with respect time) large amplitude 
cycles, and variations apparent frequency. 


RUN 1 
BASE ACCELERATION SIMULATED ELCENTRO 


—— Calculated 
---- Meosured 


MFe RUN 1 
BASE ACCELERATION [( G } SIMULATED ELCENTRO 


—— Calculated 
---- Meosured 


TIME. SEC. 


FIG. Acceleration and Displacement Histories for Test Structures MF1 and 
MF2 


With respect calculation maximum amplitude, can seen that the 
Q-Model was quite successful for ail structures except FW3 and FW4. However, 
did quite well general indicating the times maximum response, missing 
the correct time only for and FW3. 
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With respect number and distribution large-displacement responses, the 


results the Q-Model were very good agreement with the experimental 
results. 


Fw. RUN 1 
BASE ACCELERATION ( G ) SIMULATED ELCENTRO 


—— Calculated 
—--- Measured 


RUN 
BASE ACCELERATION SIMULATED TAFT 


—— Calculated 
---- Meosured 


sec. 


FIG. 8.—Base Acceleration and Displacement Histories for Test Structures FW1 and 


general, calculations based the Q-Model were successful indicating 
the apparent frequency changes the test structures. evident from the 
hysteresis relationship the Q-Model that the calculated response below 
the knee synthetic yield point the idealized force-displacement relationship, 
the results are likely exceed the actual response, because the model dissipates 
relatively little energy and does not result stiffness change below the synthetic 
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yield point. initial duration low-amplitude base accelerations, reasonably 
well tuned the initial frequency the particular Q-Model, can create the 
large discrepancy between calculated and measured values, visible especially 


Fwe RUN 1 
BASE ACCELERATION SIMULATED ELCENTRO 


Calculoted 
—--- Meosured 


Fws3 RUN 1 
BASE ACCELERATION ( G ) SIMULATED TAFT 


---- Measured 


TIME. SEC. ! 


FIG. 9.—Base Acceleration and Displacement Histories for Test Structures FW2 and 


Maximum calculated and measured floor displacements are presented Fig. 
10. evident that the calculated deformed shapes were similar measured 
shapes. all cases but FW1, the calculated results were larger than the measured 
ones. Correlations between the calculated and measured shapes were close for 
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all cases except for structures FW3 and FW4. 

Measured and calculated story-drift distributions are shown Fig. 11. The 
calculated story-drift amplitudes were obtained from the deflected shape 
corresponding the maximum calculated displacement. Measured maximum 


story drifts were also obtained time maximum displacement the top 
the structure. 


—— Caiculoted 
---- Measured 


20 30 0 20 0 20 30 9 10 20 ime) 


oo 20 WO 20 30 9 20 Wine) 


FIG. 10.—Distribution Floor Displacements Instant Maximum Displacement 
Level 


Considering the sensitivity the experimental values error (differences 
measurements comparable magnitude) and the naivete the deflected-shape 
calculation, comparison the calculated and measured story-drifts satisfactory. 


Use 


The preceding comparisons, made for slender reinforced concrete structure 
models without abrupt changes stiffness mass along their heights, suggest 
that the Q-Model likely produce acceptable approximation the 
displacement history similar structures for given horizontal component 
ground motion. 
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—— Caiculoted 
Meosured 


FIG. 11.—Distribution Story Drift Instant Maximum Displacement Level 


Lateral story displacements and their differences provide the engineer not 
with all but with sufficient information judge the acceptability structure 
for particular function. the story drifts may controlled within reasonable 
limits (say 0.015 story height) for bouquet ground motions, 
the structure may detailed and the probable damage architecture 
estimated without need information ductility, whatever may mean, 
acceleration levels. 

The Q-Model was designed with two main attributes: (1) Conceptual simplicity; 
and (2) computational economy. The first attribute tends lower the threshold 
resistance for the first user and reduces the costs involved for 
the infrequent user. The second attribute enables use the model with limited 
computer facilities and allows large number complete solutions within 
reasonable budget. Typically, solution based the Q-Model costs less than 
solution using model for the ten-story structures analyzed 
(11). This very important quality field application where the development 
confident perspective requires large number solutions because 


the expected scatter involved the characteristics ground motion and structural 
response. 
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The blunt simplicity the Q-Model and its output its most beneficial 
characteristic. less likely taken for the actual structure. 

Buildings can and ought proportioned resist earthquake effects without 
the use explicit nonlinear response analyses. special cases where such 
analyses may justified, the Q-Model provides simple and low-cost tool 
help the engineer study relative advantages different systems effects 
different types ground motion. 


Summary 


This paper introduces the Q-Model, simple numerical model for estimating 
the displacement history reinforced concrete structures subjected strong 
earthquake motions. Use the model economical with respect both computer 
time and equipment. Except for storage the data describing the ground motion, 
hand calculator would suffice handle the calculations for dynamic response, 
given the primary force-displacement curve. 

The Q-Model for multistory reinforced concrete building uses the familiar 
principles representing MDOF model SDOF oscillator, modified 
information based the calculated relationship between base moment and lateral 
displacement under monotonically increasing load. very simple hysteresis 
system used define changes incremental stiffness. 

Measured displacement histories eight small-scale reinforced concrete 
structures (Figs. and have been used test the Q-Model. The comparisons 
show (Figs. 6-11) that the overall performance the Q-Model simulating 
response high-amplitude and low-amplitude ranges was satisfactory. 

view of: (1) The low cost the Q-Model; (2) the usual ranges doubt 
associated with information expected ground motion and static structural 
response actual structures; and (3) the sufficiency drift estimates for making 
design decisions, concluded that the Q-Model provides preferable alternative 
the elaborate planar nonlinear response model. obvious defect the 
Q-Model, that has not been substantiated experimental data for all possible 
cases, shared elaborate models developed for the same purpose. 
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The following symbols are used this paper: 


viscous damping coefficient; 

total external force MDOF system; 
height level from base; 

total number levels MDOF system; 
stiffness MDOF system; 

initial slope idealized primary curve; 
slope post-yielding branch primary curve; 
equivalent height; 

total mass MDOF system; 

mass level 

numeral identifying level MDOF system; 
last largest excursion point; 


x 


r 
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lateral displacement, velocity, and acceleration SDOF oscillator 
with respect its base; 
maximum deformation experienced; 
yield deformation; 
acceleration base; and 
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CHARACTERISTICS INITIALLY 
UNTENSIONED STRAND 


INTRODUCTION 


Several experimental studies the bond characteristics seven-wire pre- 
stressing strand have been conducted recently. number studies were directed 
the specification conservative values for the minimum embedment length 
required develop the full tensile strength initially pretensioned strand. 
However, the studies conducted the Portland Cement Association (2,3) 
and the University Waterloo the intention was examine the 
feasibility using short lengths initially untensioned strand longitudinal 
ties precast concrete floor systems. The primary objective was ascertain 
the embedment length needed maximize the pullout capability the tie 
while avoiding rupture the strand. 

Much the work was exploratory nature. Further experimental work 
required establish the precise influence number the variables. 
Nevertheless, enough work has been done indicate that the bond characteristics 
seven-wire strand are unique that extensive and relatively stable pullout 
can occur. This pullout capability especially significant provides basis 
for the development failure theory for precast concrete floor systems (2,8). 

this paper the pullout response rotationally restrained strand from 
uncracked but otherwise unconstrained grout specimen will considered. Based 
the available experimental work behavioral hypothesis for the pullout 
response strand will developed. Pertinent experimental data will provided 
and certain testing considerations will examined. 


The prototype interior floor-to-wall connection building utilizing precast, 
hollow-core, pretensioned concrete slabs shown Fig. Ties are short 
lengths reinforcement, this case seven-wire prestressing strand, grouted 
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into the longitudinal joint. experimentally assess the behavioral characteristics 
the longitudinal tie within the grouted keyway, pullout tests similar that 
shown Fig. must made. simulate the presence slabs both 
sides the transverse joint, some form rotational restraint must attached 
the strand distance about in. (50.8 mm) from the face the 
slab. Tests using sections proprietary slab system are not only expensive 
but the results are system-dependent. Probably the simplest and cheapest pullout 
test perform that shown Fig. number tests using these prism 
specimens have been performed. 

the pullout test setup shown Fig. the reactive effects the tie 
force are distributed over the face the prism. Tests involving normal deformed 
reinforcement have demonstrated that the constraining effects this reactive 
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4) MODIFIED PRISM TEST SPECIMEN 


FIG. 1.—Pullout Situations 


compression can have significant influence pullout response (7). Accordingly 
tests using the modified prism shown Fig. were also performed. 

Well over 100 pullout tests have been made using the test setups shown 
Figs. Systematic parametric testing still required, but the available 
data support the following behavioral hypothesis. 


The pullout response relatively short lengths initially untensioned, 
rotationally restrained, seven-wire prestressing strand embedded uncracked 
concrete grout may idealized and generalized shown Fig. The precise 
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nature the pullout force-pullout displacement relationship will depend upon 
the following primary variables: grout quality, strand size, and embedment length. 
For consistent quality grout and specific size strand, six different 
behavioral modes have been identified. Common behavioral change points 
the various focal limiting stages may defined follows. 

Point the point corresponding the initiation measurable pullout; 
(F,,€,). Experimentally, occurs when the slope the pullout 
displacement (relative the front face the grout) relationship first exhibits 
significant change slope. Note that the dead end the strand will exhibit 
movement either prior simultaneously with the initiation measurable 
slip. Overall slip therefore occurs prior coincident with 

Point the limiting stage corresponding rupture one more wires 
the strand, Point the point which well-defined strength 
maximum first attained, Point the point which well-defined 
strength minimum first attained Point the point which 


LOCUS FOR 


€ - PULLOUT DISPLACEMENT 


FIG. Response Short Lengths Initially Untensioned, Seven-Wire, 
Prestressing Strand 


second well-defined maximum strength attained, Point the 
point which second well-defined minimum strength attained, 
and Point identifies that point which the strength first becomes less than 
provided that the pullout force increases subsequent 

The two behavioral extremes occur for relatively long 150 d,) and 
relatively short d,) embedment lengths, i.e., modes and respectively. 
mode rupture one more wires the strand occurs with little, 
any, measurable pullout displacement and without overall slip being initiated. 
this case the dead-end displacement zero. For slightly shorter embedment 
length, overall slip initiated prior strand rupture, i.e., mode 

embedment length decreases, continuous pullout rather than strand rupture 
occurs. This pullout response exhibits well-defined cyclic, pitch-dependent 
nature shown Fig. Mode indicates that there can two complete 
cycles response. Each cycle has well-defined maximum and limiting 
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minimum coincident with pullout displacement that multiple the pitch 
i.e., For seven-wire prestressing strand the pitch the six outer wires will 
vary from times the nominal diameter the strand. evident 
that pullout can both ductile and relatively stable. Maximum strength 
attained displacements slightly more than P/6 and 7P/6 for the first and 
second cycle, respectively. Strength levels will vary but will the order 
magnitude shown Fig. There also evidence suggest that the slope 
the relationship between and dependent upon strand diameter. 
Further reduction the embedment length results decrease both strength 
and ductility. modes and measurable pullout displacement initiated 
earlier, only one pitch-dependent cycle fully realized, and effectively unre- 
strained pullout occurs for some displacement less than 2P. With even shorter 


kips 


LEAD END ie € 
DEAD END ie, 


3 4 5 6 7 Le) 
TIE DISPLACEMENT (€ ), in. 


FIG. 3.—Pullout Response—Representative Test Results 


embedment length the post-maximum strength response can relatively brittle, 
i.e., mode 


Work 


Experimental support for this generalized behavioral hypothesis presented 
the following sections. Only test results for (9.5 mm) diameter strand 
are quoted, but these are means the only test data available. The performance 
other sizes strand comparable that 3/8-in. strand, but should 
noted that the relationship between pitch and size will vary for different 
sizes strand. Both pitch and wire size have influence the nature 
the interfacial bond. special effort was made clean the ties and general 
the strand tested was relatively clean and corrosion free. attempt 
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FIG. 4.—Pullout Response—Representative Test Results 


was made assess the effects surface conditions (7) tie performance. 

Figs. and number experimental force-displacement relationships 
are shown. These representative results clearly show the overall range and the 
cyclic nature pullout response. 


Within the range load F,, the magnitude measured pullout displacement 

the displacement point the strand that initially in. (50.8 mm) 
away from the face the slab, relative the face the slab] necessarily 
small. Because the straightening the strand that occurs load initially 
applied, plus the elastic deformation that occurs within the first in. and the 
relative insensitivity the displacement transducers, the prepullout displacement 
measurements were neither qualitatively nor quantitatively significant. more 
importance are the magnitude the tie force required initiate pullout and 
the related strain measurements. 

number pullout tests, strain the outer six wires was monitored 
using electrical resistance strain gauges. Usually one gauge was mounted 
externally, and the other three gauges were symmetrically distributed along 
the embedded length, shown Fig. These internal gauges ceased 
function once slip became significant. Plots the variation strain relative 
the load stage, the location the gauge, and load level are provided 
Fig. While these results apply specific test, they may considered 
representative the behavior observed other tests. These force and 
strain results permit number important (but not original) conclusions. 

First, apart from the effects due the inevitable spalling the front face, 
evident from Fig. 5(a) that, prior the initiation overall slip, the distribution 
tensile strain within the embedded length the strand essentially linear. 
Consequently, for f,, the steel stress may, for all practical purposes, 
considered linearly distributed with maximum value the live end. The 
actual length the embedded strand under stress will depend upon the relative 
magnitude the pullout force. When this force reaches the value required 
initiate overall slip, the associated strain distribution will still linear. The 
Strain the dead end zero until such time the full embedment length 
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engaged and the dead end exhibits movement. 

Second provided the steel does not yield, the interfacial bond stress could 
considered essentially constant along that portion the embedded 
length actually engaged resisting pullout. Therefore for the 
pullout resistance could, for the purposes design, evaluated follows: 


which the nominal interfacial bond stress; the portion the embed- 


LOAD STAGE 6 


FORCE , F (kips) 


0002 0006 oon 
STEEL STRAIN (e) 


FIG. 5.—(a) Longitudinal Variation Wire Strain (b) Tie Force—Wire Strain Relation- 
ship 


ment length actively involved where /,; and the nominal perimeter 
the seven-wire prestressing strand. the limit, assuming the initiation 
visible pullout and overall slip coincident, i.e., for F,, therefore, 


Third, this limiting uniform bond condition and the related pullout force, 
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F,, are important design considerations. attempt categorize these 
experimental results, two assumptions were made: 


Unlike deformed reinforcing bar, the strand has deforma- 
tions that result screwlike pattern the interfacial grout. the initially 
untensioned tie loaded, there radial decrease size. This reduces the 
adhesive and frictional contribution bond and, approaches F,, pullout 


TABLE 1.—Experimental Values for Bond Pullout Factor for 3/8-in. diam Strand 


pounds 
per 
inches inches inch 
Test (milli- (milli- 
series Remarks 
(1) (8) 
Fig. for type 


specimen 
Mean 23.93 
1.31 
C.V. 5.47% 


270-ksi strand; see 
Fig. for type 
specimen 


Mean 25.90 
2.28 


C.V. 8.8% 


Note The proportional limit for strand occurs above 70% the specified 
ultimate strength, (0.7 f,). For wholly elastic tie response should less than equal 
0.7 16.1 kips (71.6 kN) for 270-ksi /8-in.) strand. 


resistance largely due the longitudinal and lateral shear strength the 
spiral protrusions the grout. Therefore, accordance with current practice, 
the nominal bond stress assumed linearly proportional the square 
root the standard cylinder compression strength, i.e., 

For each size strand the interfacial area, i.e. p,, assumed 
linearly proportional d,. The nominal surface perimeter, p,, equals 4/3 
However, should noted that the pullout force varies, the six exterior 
wires tend move relative each other and the central wire. Preslip pullout 


(9.5) (762) (22.2) (64.5) 
(9.5) (762) (21.0) (66.5) 
(9.5) (762) (28.3) (78.7) 
(9.5) (762) (34.9) (79.5) 
3P-40 3/8 4,260 10.9 29.70 
3P-50 3/8 18.75 4,141 12.1 26.74 
(9.5) (476) (28.6) (53.8) 
3P-60 3/8 3,490 13.5 27.09 
(9.5) (572) (24.1) (60.0) 
3P-70 3/8 26.25 3,650 14.5 24.39 
(9.5) (667) (25.2) (64.5) 
3P-80 3/8 3,650 17.0 
(9.5) (762) (25.2) (75.6) 
3P-90 3/8 33.75 3,490 16.8 22.48 
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appears dependent upon strand size, and some provision should made 
for this possibility. 


Therefore: 


which defined linear multiplier that takes into account both grout 
quality and any size-related considerations the strand. values from various 
tests strand are given Table Values for are remarkably 
consistent, and representative value could assumed for for 3/8 
in. (9.5 mm) diameter, 270 ksi (1,862 mPa) strand. were assumed 
independent size that 4/3 then the for the 
nominal interfacial bond stress, would approximately Additional and 


TABLE 2.—Pullout Displacement Maximum Strength 


Test 
series 
(1) 


3P-40 
3P-60 
3P-70 
3P-80 
3P-90 
3P-100 


pounds per 
square inch 

(millipascals) 


(4) 
1.09 


1.15 
0.85 
0.97 


1.30 

0.92 

0.93 


Remarks 
(7) 


this series 
tests the rate 
pullout varied 
from 1.5 in. 
0.001 The 
age the con- 
crete when tested 
varied from 
days. The 
test model used 
shown Fig. 
(126 mm), 
13.2 

this series 
tests the embed- 
ment length was 
varied. The test 
model used 
shown Fig. 
(123 mm), i.e., 
12.9 


“These two indicate the extent range flat, i.e., constant load, response without 


clear-cut maximum. 


Test 
code 
(23.2) 
SPW-7 3,750 1.08 
(25.9) 
SPW-8 3,370 0.75 
(23.2) 
SPW-9 3,230 1.02 
(22.3) 
3,220 0.95 
(22.2) 
3,040 0.86 
(21.0) 
(34.9) 
4,260 0.56 1.43 
(29.4) 
3,490 0.76 
(24.1) 
3,650 0.70 
(25.2) 
3,650 0.78 
(25.2) 
3,490 0.79 
(24.1) 
100 3,695 0.83 
(25.5) 
(25.5) 
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more sophisticated tests are necessary study comprehensively these and other 
prepullout considerations. 


Maximum Resistance 


Once pullout has been initiated, the slope the force-deformation relationship, 
i.e., its stiffness, decreases and continues decrease until either rupture (R) 
peak strength (M) attained. 

mode rupture the strand occurs before frontal pullout evident. 
mode rupture the strand occurs subsequent the initiation pullout. 

The maximum strength any tie that pulls out, i.e., F,,, will vary with 
variations strand size, embedment length and grout quality. The related dis- 
placement coordinate, i.e., appears, however, essentially independent 
either embedment length grout quality. Maximum strength appears 
attained when the measured displacement either equals slightly larger 
than P/6, where the pitch the six outer wires. Making some provision 
for the imprecision with which the pullout displacement was measured, the 
results given Table tend confirm this conclusion. spite the fact 
that the quality the grout and the speed pullout varied considerably, peak 
strength appeared coincide with the tie moving longitudinally through one 
turn the thread, i.e., the relative position the outer wires and the grout 
projections maximum and zero load are the same. Some provision for elastic 


deformation needs made and the idealized locus maximum pullout 
resistance shown Fig. 


Post 


Subsequent the pullout strength decreases but relatively stable 
manner, with considerable pullout displacement. Provided the embedment length 
sufficient avoid brittle type pullout failure, i.e., mode strength 
minimum reached when the overall displacement approximately equal 
While the minimum strength level, will vary, depending upon strand 
size, embedment length, and grout quality, the related displacement coordinate, 
will consistently equal the pitch. This will occur spite varying 


TABLE 3.—Pullout Characteristics 


Test 
(2) (3) (4) (5) 
80 0.96 


3/8 in. (9.5 mm); 270-ksi (1,862-mPa) 
strand; 4.95 in. (126 mm); test specimen 
Fig. rate pullout varied 


3/8 in. (9.5 mm); 270-ksi (1,862-mPa) 
strand; 4.83 in. (123 mm); test specimen 
Fig. 


= 
Test 
series Remarks 
(1) (6) 
SPW-12 0.42 0.94 
SPW-16 0.47 1.00 
3P-80 0.45 0.98 
3P-90 0.47 1.02 
3P-100 100 0.49 0.96 
3P-110 110 0.53 1.18 
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the grout quality and varying the rate force application. Table indicates 
the invariant nature this coordinate. Evidently minimum realized when 
the strand tie has moved forward precisely one pitch that the relative position 
the external wires and the grout projections threads are similar their 
position prior loading. therefore, identifies the end behavioral cycle 
defined the focal points Table also indicates that the 
tie force, F,, excess 40% the ultimate design strength the strand, 
i.e., >9.2 kips (40.9 kN). 

Provided the embedment length and other conditions are satisfactory, another 
complete behavioral cycle may obtained. The second strength maximum, 
i.e., M’, will associated with slip deformation approximately 7P/6 and 
the terminal limit, i.e., S’, will associated with displacement approximately 
2P. Some experimental support for these conclusions provided Table 
the tie has already sustained extensive pullout remarkable that 
this second cycle can also fully developed. Even the embedment length 
insufficient develop complete second cycle, there tendency for 
pullout continue without loss strength until such time either the interfacial 


TABLE 4.—Pullout Characteristics and 


(4) (5) (6) (7) (8) 


damage the grout excessive the remaining embedment length becomes 
too small. The point which F,, used identify this terminal 
stage. 


hypothesis for the pullout response short lengths rotationally restrained 
seven-wire prestressing strand embedded uncracked concrete has been pre- 
sented. Some experimental support for this hypothesis has been provided. Until 
such time comprehensive parametric tests have been performed, some caution 
must exercised the application these results. the event that extensive 
cracking rotation the strand can occur the performance the tie can 
significantly affected. 

From behavioral point view evident that the bond characteristics 
strand are unique and warrant further study. future investigations all 
pertinent embedment length diameter ratios and the overall, 
large displacement, capabilities each tie must studied. 

Practical use may made the pullout capabilities seven-wire strand. 
One application that has previously been mentioned longitudinal ties 


Test Test 
series code 
(1) (2) 
3P-110 110 0.58 1.19 0.44 0.96 
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precast hollow-core floor slabs (2,8). Another situation where structural safety 
against some low-probability event required nuclear reactor containment 
vessel where form venting may utilized. Another use 
suspension system tunnels mines where the strand anchors could provide 
self-equilibrating and ductile support. 

date three different types pullout tests have been used. The nature 
the specimen and the test setup does have effect the test results 


but these differences not appear have any significant influence the 
substance this paper. 
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The following symbols are used this paper: 


nominal diameter the seven-wire prestressing 
strand; 
tie force; 
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nominal interfacial bond stress; 

cylinder compression strength the concrete 
grout; 

nominal tensile stress the strand; 

nominal yield stress the strand; 

behavioral change points and are fully explained 
the text; 

portion the embedment length actively involved 
providing resistance tie movement; 
embedment length; 

pitch the individual wires the seven-wire 
prestressing strand; 

nominal perimenter the seven-wire prestressing 
strand; and 

pullout displacement [measured relative point 
the strand that was initially in. (50.8 mm) 
from the face the concrete grout]. 


964 
= 


MAY 1981 


CLUSTERING MODEL FOR CORRELATED 
PROCESSES 


INTRODUCTION 


the design and planning important structures extreme environments 
such nuclear power plants, tall buildings, and offshore towers, risk analysis 
low probability and large consequence events plays ever increasingly 
important role. Such events could caused single severe natural (e.g., 
tornado) man-made hazard combination number unfavorable 
conditions that produces catastrophic consequences. Data about such events 
are generally scarce nonexistent. assess the risks, one almost always 
has rely analytical methods. not surprising that recently there has 
been growing interest the modeling and combination stochastic loadings 
and its application assessment safety engineering systems under multiple 
hazards. 

most studies, assumed that loadings are independent while reality, 
they may correlated, i.e., the time occurrence, intensity, and duration 
may dependent each occurrence, from occurrence occurrence, and 
from loading loading. The effects load correlation structural reliability 
began receive attention only very recently (2, and and have not 
yet been fully understood; particular, the effect occurrence dependencies 
which may very important factor load combination has not been seriously 
investigated. The objective this paper propose method modeling 
and analysis load processes with occurrence dependences. The motivation 
that many natural man-made hazards which cause serious load effects 
structural failure may due common sources. For example, severe storms 
may produce extreme winds, waves, snow and temperature loads; strong-motion 
earthquakes may cause direct dynamic force and indirect fire loading and 
nuclear structure, loss-of-coolant-accidents (LOCA) loading because pipe 
breaks. These loadings may have different arrival times, intensities, and durations, 
but may clustered around common point time such that there 

Prof. Civ. Engrg., Univ. Illinois, 3106 Newmark Lab., 208 Romine, 
Urbana, 61801. 
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higher chance simultaneous occurrence and hence graver consequences than 
independence assumption made. 

The occurrence dependences among such correlated load processes are taken 
into consideration using multivariate point process. Individually, the 
occurrence each load simple Poisson pulse process, however, 
there clustering among loads reflect the physical process which these 
loadings are generated. method for the evaluation load coincidence rate 
then developed whereby probability combined loads and lifetime reliability 
structure under such loadings can obtained (10). The accuracy the 
proposed method verified Monte-Carlo simulations. found that the 
load coincidence rate extremely sensitive the occurrence clustering. 
Compared with results based assumption occurrence independence, 
increases several orders magnitude could result due clustering which 


have significant effects the selection design combined load and structural 
reliability estimate. 


Consider, first, the case two correlated load processes and 
Both processes may clustered around common parent point process. Referring 


Parent (generating) point process 
Delayed point process 

Noise process 

(Random) delay time 

Intensity given occurrence 
duration given occurrence 


FIG. 1.—Definition Sketch 


Fig. consider first the process The parent point process indicated 
simple Poisson process with occurrence rate The load may 
occur (with probability P,) random delay time and indicated 
For example, the parent process represents strong-motion earthquakes 
and the delayed process LOCA loadings, the latter does not always occur after 
each earthquake and also, the exact time occurrence may vary. make 
the process more general, independent (noise) Poisson process with occurrence 
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rate p,, superimposed and indicated ‘‘x.’’ The addition the noise 
process accommodate the situation that the loading can caused 
sources other than the parent process under consideration, e.g., LOCA loadings 
can caused events other than earthquakes such equipment malfunctions 
human errors. and together form the occurrence time for the process 
S,(t) which can shown (3) simple Poisson process with occurrence 
rate pP,. The duration and intensity given the occurrence are modeled 
random variables such that Poisson renewal pulse process (for 
details this process see Ref. with the mean duration being and intensity 
distribution function Such model captures the essential macroscale 
properties time varying loads and allows one tractable formulation the 
extremely complicated combination problem. similarly constructed (refer 
occurrence rate the noise process and probability that occurs 
after the parent process. random delay time, mean duration, and 
intensity distribution are the corresponding required information. 
Therefore, marginally, S,(t) Poisson renewal pulse process, and 
jointly, they are highly correlated due the occurrence clustering. letting 
one the delay times zero one can obtain special case that the delay 
process coincides with the parent point process, e.g., can delayed 
process S,(t). Since the attention focused the occurrence 
dependence, intensity and duration are assumed independent random 
variables. Fig. rectangular pulse shapes are indicated. One can use other 
pulse shapes such triangular (6,8) represent the intensity variation within 
each occurrence, e.g., local wind storms. 


Occurrence Rate Function (COR) 


For two correlated processes, the occurrence one process strongly influences 
the probability occurrence the other. The occurrence correlation 
bivariate point process can specified number ways. The one that 
most convenient for load combination analysis through the use conditional 
occurrence rate (COR) functions defined the following. (Throughout this paper 
emphasis engineering application rather than mathematical rigor. Readers 
are referred Ref. for more rigorous definitions and derivations.) 


t 


the load intensity, COR used here instead. From Eq. one can see that 
similar concept the hazard function commonly used system 
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which the covariance intensity function, 


@) 
4’ 10,4" 1-0 


the preceding bivariate point process, all points, except the pair generated 
the parent process, are statistically independent. The only contribution 
from this pair. can shown (3) that 


which the probability density function the difference the delay 
time T,, therefore (from and 

TABLE 


Delay Time Distribution 


(1) 
Exponential: 
E(T,) =a, 
=a, 


Erlang: 
E(T,) =a, 
(cov 0.707) 


Uniform: 
E(T,) =a, 
E(T,) =a, 
0.577) 


Normal: 


or, 

Standard deviation 


—t/az 


e 


for 


a,+a, 

4e777/% 
(a, 


(a, 


For 


for 


for 


(a,+ 


for <0 


for 


4a,a, 


for 
2a, 


for 2a, 
4a,a, 
otherwise 
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similarly obtained switching indices and One can obtain 
closed form using convenient delay time distributions, one-para- 
meter exponential, Erlang and uniform distribution, two-parameter normal, 
gamma distribution, etc. The function for some the distributions 
are given Table The delay times and are assumed independent. 
The behavior for these delay times shown Fig. for 
and 2a,, where E(T,). The strong dependence S,(t) S,(t) 
can seen the sharp increase |t| however, this dependence vanishes 
(independent) also, when parameters are comparable not 
particularly sensitive the distribution type. The dependence distribution 


FIG. 2.—COR Function 


parameters should obvious, i.e., the peak shifts with and 
available the delay time difference T,, one can use such information 
directly without having first model individual delay times. 


Coincidence processes and can happen two mutually exclusive 
the durations the two processes given occurrences. Therefore, 


969 
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Exponential 
Uniform 
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which and indicate the conditional probabilities. Taking expectation 
with respect and d,, dividing and letting one obtains 
the mean rate coincidence 


which expectation W.R.T. durations. convenient first-order 
approximation 


which are the mean load durations. 
Using the COR function, one can show that 


=l1- exp -{ h(x) ar| 


The functions for the COR functions given Table are obtained closed 
form and given Table can similarly obtained. Approximations for 
under the condition that load durations are small, and 
the approximations Eq. and Table evaluated numerically 
which exponential distribution used for (since the process Poisson 
renewal pulse process). Comparison results (see Table indicates that Eq. 
generally satisfactory, and Table satisfactory for small and 
can used least order-of-magnitude type estimate for large 
Also, the results are not very sensitive the delay time distribution. The same 
true course for g,. For example, the delay times can modeled 
exponential distributions and the durations are small, from Eq. and the 
approximations and for and one obtains the coincidence rate 


the parent process, namely, the clustering longer exists and S,(t) and 
are statistically independent, Eq. reduces the result previously obtained 
(8). 

examine the sensitivity increase coincidence rate the clustering, 
consider the combination two load processes which (no 
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(the loadings always occur after the parent process). independence assumption 
would give coincidence rate while after including clustering 
effect, increases (from Eq. 10) factor 10°. course, 


TABLE 2.—Function 
Distri- 
bution 
(see 


Table 
(1) 


Ay a,+a, (a, + a2) 


P2p 


2 


1 1 
a, 
P,P.» 


Uniform For (switch the indices 


P.p 


P, Pop 


for 2a, 


Ay a, 4 


(2) (3) 
Expo- 
nential 
4P, P2p 
Erlang 
(a, 
P2p 
2A, 
2a, 
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this case the fact that the mean delay times are equal and the uncertainties 
(coefficient variation 1.0) are large also contribute the high 
coincidence rate. and are much smaller, the coincidence 
rate would reduced somewhat. For example, yr, 2.0 
yr, 0.3 and all other parameters remain the same, assuming 
the delay times normal, from Eq. and Table one obtains coincidence 


Distri- 
bution 


(2) 


(1) (7) 
Exp. 0.334-1 0.501-1 0.882-1 
0.966-2 0.631-1 0.103 
0.102-1 0.510-1 0.102 0.510 
0.447-1 0.721-1 0.104 
0.102-1 0.510-1 0.102 0.510 
Uniform 0.959-2 0.375-1 0.564-1 
0.990-2 0.437-1 0.741-1 0.104 
0.102-1 0.510-1 0.102 0.510 
0.349-2 0.167-1 0.316-1 0.108 
0.353-2 0.353-1 0.176 
Erlang 0.217-2 0.123-1 0.258-1 0.952-1 
0.212-2 0.117-1 0.254-1 0.124 
0.205-2 0.103-1 0.205-1 0.103 
Uniform 0.219-2 0.108-1 0.214-1 
0.219-2 0.109-1 0.217-1 0.104 
0.220-2 0.220-1 0.110 
r t/a 
= 60 
— — 
% 2 4 6 8 10 t/a 


ST5 CORRELATED LOAD PROCESSES 


The preceding method modeling and analysis can extended the case 
combination more than two loads. Generally speaking, there may more 
than one parent process and different ways clustering which may require 
different treatments. Consider the simple case combination three loads 
with possible clustering around common parent point process adding one 
more Poisson renewal pulse process the foregoing two-load model. consists 
clustering part (with delay time 7,, probability being ‘‘on’’ given the 
occurrence the parent process P,) and noise part (with occurrence rate 
The mean duration and intensity distribution The analysis 
correlation and coincidence rate between any two load processes different 
from that the preceding sections. However, when all three loads are considered, 
the dependence one load process the occurrences the other two needs 


taken into consideration. For this purpose, two-time COR function 
defined follows: 


Ar 


occurrence rate those S,(t), and are similarly defined. 
Some asymptotic properties the function are follows: 
and t’| S,(t) would free the influence S,(t) and 
that for the two-load case one can show that (derivation given Appendix 


times T,, and are assumed independent. For example, the 
delay times follow exponential distributions can shown 


+#/a3) 


(a, 


one can obtain and rotating the indices. Note also, that Eq. 
satisfies all the asymptotic properties required for the two-time COR function. 
The behavior the conditional occurrence rate function S,(t), shown 
delay times) and (no noise processes). The surface described 


for 
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the two-time COR function two-dimensional version the one-time 
COR function. The sharp ridge indicates the strong influence the 
occurrence even when large [i.e., influence already vanishes] 
Different delay time distributions may cause slightly different behavior, for 
example all three delay times are modeled Erlang distributions, the surface 
would similar except the ridge would smooth. 


Rate 


Coincidence three loads can occur mutually exclusive ways 
according the order the ‘‘on’’ times the three processes. For example 
(see Fig. 4), processes S,(t), S,(t), and S,(t) are according the 


FIG. 4.—Coincidence Three Loads 


similar that given Eqs. and can shown that contribution 
the coincidence rate from this occurrence sequence 


which the conditional probability that and S,(t) are 
according the manner described previously given the durations and 
S,(t) being and and that has occurred. the expectation 
the durations for which first-order approximation can used. Using 
the conditional occurrence rate functions, the mean number joint occurrences 


Sait) 
to+d) 
1 | 
to+d) 
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for 


Similarly g,, for other sequence occurrence the loads can obtained 
rotating indices Eqs. and 16. 

The overall coincidence rate regardless the order ‘‘on’’ times therefore 
the sum (since they are mutually exclusive) given 


which approximations given and can used. Integration 

Eq. can carried out closed form for some delay time distributions 

(see Appendix II). further approximation can used when the load durations 

dt’ 


a 


which, for example, delay times are exponential variates, from 13, 
and Table 


(a, 


interesting limiting case when least two among the three are zero, 
i.e., the clustering around the parent process longer exists and 
and become statistically independent. Substituting Eqs. and into 
Eq. 17, knowing that for this case (0) etc. one obtains 


the result previously obtained (8). 

The accuracies the approximations Eqs. and are examined 
comparison results with from numerical integration which the 
duration distributions are exponential. The results are shown Table 

The increase the coincidence rate due clustering examined the 
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(from Eq. 20) coincidence rate whereas including 
clustering one obtains from Eqs. 17-19 


Theoretically, the method can extended the analysis four more 
loadings. However, can seen the COR function and the algebra required 


Variable 


(1) 
/ May 1 


0.00152 
0.0257 
0.0653 
0.159 
0.00628 
0.0594 
0.102 
0.169 


for the evaluation the coincidence rate would become extremely complicated, 
therefore not pursued any further this study. 


The results can incorporated load coincidence method for analysis 
probability load combinations and structural reliability. Strictly speaking, 
the problem structural reliability under multiple time varying loads requires 
extremely difficult out crossing rate analysis vector random process 
for which only approximate solutions have been obtained under special conditions 
(1,7). 

The problem simplified considerably the load effect can expressed 
linear function loads idealized Poisson renewal pulse processes. 


j=l 


which Ith load effect; C,, coefficient converting load load effect; 


and load process. The lifetime probability failure (/th limit state being 
exceeded) is, therefore, 


which structural capacity; max maximum value (0,7); and 
structural lifetime. The preceding formulation (Eq. 23) has been customarily 


0.0001 0.00133 0.00168 
0.0005 0.0165 0.0420 
0.001 0.0364 0.168 
0.005 0.106 4.2 
0.0003 0.00438 0.00841 
0.0015 0.0337 0.2102 
0.003 0.0603 0.840 
0.015 0.131 21.0 
N 
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used the checking structural safety, although strictly valid only for 
linear combinations. The probability distribution is, therefore, special 
interest. Based consideration load coincidence (8,10), can given 
approximately 


i=! 


N N WN 
ip jek 
which v,, v,,, and v,, are the mean rates occurrence load S,(t) only, 
coincidence and only, and coincidence S,(t), and 
only, respectively. and are the conditional probabilities level 
being exceeded given the occurrence S,(t), the coincidence S,(t) and 
and the coincidence S,(t), and respectively. These probabil- 
ities can obtained without difficulty linear combination random variables 
(load intensities) using Eq. 22, e.g., the processes S,(t) are the rectangular 
pulse type, which G,, the probability distribution 
the random variable C,, X,; and are the load intensities 


(random variable) processes and given occurrence. and v,, are 
given 


ijk 


Rim 
Vy = hy 1- >> 
“ij 


etc., which and the coincidence rates previously obtained (Eqs. 
and 17). The square bracket terms are corrections for 
i.e., the portion which results higher-order coincidences subtracted. This 
correction can neglected when and are small. 

The problem much more complicated when the load effect the inelastic 
(nonlinear) range and dynamic nature. Obviously, Eqs. and are 
longer adequate; however, one can still make use the load coincidence rate 


arrive approximate estimate the lifetime probability failure 
follows. 


N N N WN 


i=! 


which and are.the conditional probabilities failure given the 
occurrence coincidence and can obtained using the state-of-the-art meth- 
odology for structural reliability and random vibration analyses. The dependencies 
between loads are properly included such formulation, i.e., the occurrence 
dependence accounted for v,, and v,, and the intensity dependence can 
included using multivariate distributions (11,12), processes for the 
loadings when evaluating and loadings with positive correlation 
intensity cause higher conditional failure probabilities, etc. Implied the 
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formulation given Eqs. and are the two assumptions: (1) That the 
failure rates are equal the occurrence (including coincidence) rate multiplied 
conditional probabilities failure given the occurrence; and (2) that failure 
events are statistically independent (the Poisson assumption). While the former 


TABLE 5.—Coincidence Statistics 


TWO-LOAD COINCIDENCE THREE-LOAD COINCIDENCE 


likely 

(1) 

= P2 = 93; = 0 


size 100. 


Simulation (n = 100) 
© 3 Loads 
4 2 Loads 
Theory 
—— Independent 


2 Loads / 
095 / ° 
090 
0.80 
0.70 
060 
0.50) / / 
040 / / 
0.20 / 
0.10 
0.01 
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follows from the frequency interpretation probability the latter generally 
conservative assumption since reality failure events are positively correlated 
through common structural resistance, infrequently changed loadings, etc. (11). 

For independent load processes, the accuracy Eq. has been verified 
against Monte-Carlo simulation (8); results based Eq. the lifetime plastic 
collapse probability simple frame under multiple loads have been compared 
satisfactorily with those from out crossing rate analysis (10). The accuracies 
Eqs. and for correlated processes are examined the following section. 


further demonstrate the validity the proposed method for correlated 
load processes, Monte-Carlo simulations are carried out verify the accuracies 


Simulation (n= 100) 
© 3 Loads 
& 2 Loads 
Theory 
Correlated 
—— Independent 


of: (1) Coincidence rates given Eqs. and 17; and (2) the probability 
combined maximum given Eq. 24. Three load processes with possible 
clustering previously described are generated the computer. 

Sample statistics and probability. estimates based sample size 
100 are computed and compared with the theoretical values. According the 
analysis the coincidences loads are Poisson processes with mean rates given 
Eqs. and 17. The comparisons the coincidence rates for two sets 
process parameters are shown Table (columns and 8); the delay 
times are modeled exponential variates. The slight difference can attributed 
sampling errors (due finite sample size). The goodness-of-fit tests the 
Poisson distribution are also satisfactory and the results are shown Table 


/ 
/ 
/ 
/ 
098 
/ 
/ 
16 / 
095 
° 
/ 
080 a/ 6 
0.70 
0.50 Ws 
030 
0.10 6 
0.05 / 
0.01 ry 4 
2 3 
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The validity the coincidence rate analysis therefore verified. pointed 
out that the parameter values are chosen facilitate the comparisons and tests 
rather than represent any specific loading conditions. 

compare the probability combined maximum, Eq. set equal 
unity (summation). Load intensities given occurrence are assumed 

0.3. The other parameters remain the same given Table The results 
for combinations two and three loads are shown Figs. and expected, 
high-threshold (low-risk) levels, Eq. gives very good estimates since the 
distribution dominated the coincidence terms; low level the Poisson 
assumption used causes slightly conservative results. Results based 
assumption that the loading occurrences are independent are also shown 
dashed lines. expected, such assumption may lead quite serious 
underestimates the risk combination loadings. 


Summary 


Many natural man-made hazards which cause serious effects structures 
may due common sources, e.g., extreme wind, wave, snow, rain-on-snow 
load, and loads causing failure nuclear structures. These 
loadings have tendency clustering around common points time such 
that the occurrence dependence may important factor load combination 
analysis. Based multivariate point process, analytical model presented 
take such occurrence dependence into consideration. Methods for analysis 
mean rate coincidence (simultaneous occurrence), probability combined 
load, and reliability structures under such loads are developed extension 
the load-coincidence method previously proposed the writer. Additional 
information required the statistics the occurrence (delay) times the 
loadings from the cluster center. Approximate solutions are obtained simple, 
closed form. The accuracy the method verified Monte-Carlo simulations. 
found that the load coincidence rate extremely sensitive the occurrence 
clustering. result, when such dependence exists and not properly 
considered, the estimate probability combined maximum well the 
reliability structure could seriously error. 

Effects general load process dependencies such duration, and occurrence 
within each load, well between loads are currently under investigation 
the writer; some preliminary results are reported Refs. and 12. 
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Expanding the product within the expectation one obtains 


Using the definition COR functions and 


The time increments cancel with the denominator. Solving for (t,t’), one 
obtains Eq. 13. 

From the definition y,,, clear that components S,(t), and 
S,(t) which are statistically independent have contribution y,,,. Since 
all the parts the processes are statistically independent and independent 
the parent and delayed processes, unless all three points have the same 
cluster center, least one point independent the other two and the 
contribution y,,, would zero. Therefore, extension Eq. gives 


P,P, 


For exponential time distributions, substituting Eqs. and into Eq. 
gives 


=C, for d,sd,=C,-C, for d,>d, 
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PRELIMINARY MEMBER FRAMES 


INTRODUCTION 


The employment computers structural engineering has substantially 
increased our analysis and design capabilities. Numerous programs are available 
for the analysis rigid frames, while others are available for use designing 
the specific members once the analysis completed. Approximate analysis 
and design techniques are needed prior the use these programs determine 
preliminary member sizes. These should simple and should not involve 
considerable amount the engineer’s time. 

Many approximate methods have been developed for the treatment lateral 
loads. Approximate analysis for gravity loads, however, has not received 
much study. Presented herein are guidelines for the determination preliminary 
member sizes for steel frames with gravity loads. Either the portal cantilever 
methods could used with this approach treat the lateral loads. With suitable 
modification, applicable concrete frames. The method presented herein 
equally suitable for checking designs. 


The portal and cantilever methods (5) have received widespread use 
determining the moments, axial forces, and shear forces rigid frames subjected 
lateral loads. making sufficient number assumptions, the structure 
reduced series determinate substructures. This involves assuming 
inflection point locations, i.e., points zero moment. Gravity loads can 
treated locating inflection points similar manner. Both the effect 
the stiffness the adjacent members and the placement the live loads should 
considered. The accuracy the analysis depends upon the engineer’s basic 
understanding the behavior and the complexity the structure. 

Guidelines for Beams.—Guidelines have been developed detail for determining 
approximate beam inflection point locations (1,2), and are now summarized. 
While these are based uniformly distributed loads, the usual case, they can 
readily modified for beams with concentrated loads: 

Prof., Dept. Civ. Engrg., Univ. Connecticut, Storrs, Conn. 06268. 

Note.—Discussion open until October 1981. extend the closing date one month, 
written request must filed with the Manager Technical and Professional Publications, 
ASCE. Manuscript was submitted for review for possible publication September 16, 
1980. This paper part the Journal the Structural Division, Proceedings the 


American Society Civil Engineers, ©ASCE, Vol. 107, No. May, 1981. ISSN 


988 MAY 1981 ST5 


The largest moments any span occur the supports when the span 
loaded with both the dead and live loads. 

For frames which all spans are approximately equal length, the distance 
the inflection points from the ends the beams are located follows 
the beam length): (a) Exterior, top level, exterior support 0.07 
(b) exterior, all other levels, exterior support 0.10 and (c) all other locations 
0.21 

When the adjacent span lengths are not equal, the distance the inflection 
point may approximated equal that for the case with equal spans 
multiplied the ratio the adjacent span length that the span 
consideration. 


This guideline produces significant error only when the ratio span lengths 
the range 2.0. such cases, necessary that the engineer use 
his judgment. 

Guidelines for necessary determine both moments and axial 
forces for the columns: (1) The axial force can approximated assuming 
that the ends all beams are pinned; and (2) the maximum moments the 
columns occur the ends. These are determined with the following: 


the top the exterior column the top level the frame, the maximum 
moment the column equivalent that from the adjacent beam. 
For all the other ends the exterior columns, the moment from the 


adjacent beam should distributed the adjoining columns proportion 
the approximate column stiffnesses. 

For the interior columns, the unbalanced moment should distributed 
the adjacent beam and columns proportion their approximate stiffnesses. 
The unbalanced moment the larger the live load moments from the adjacent 
beams plus the difference the dead load moments, any. 


Sidesway effects have not been included. Sidesway will shift the inflection 
points and alter moments. However, most frames symmetry present, 
often when not present, the effects sidesway are not great, and thus 
may neglected for approximate analysis and design. 


Sizes 


The preliminary member sizes are determined accordance with the AISC 
Specification (4). 
The axial loads the beams are negligible. The required section modulus 


which the maximum moment the beam; and the allowable 
bending stress. 

The approximate design the columns follows the approach presented 
the American Institute Steel Construction Manual Steel Construction (3). 
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The moment converted approximately equivalent axial load using the 
bending factor, equal the area the cross section divided the section 
modulus for the axis about which bending occurs. The resulting axial load 
approximately estimated by: 


which the maximum moment the column; and the axial load 
corresponding this moment. 
The required column area then given by: 


which the allowable axial stress assuming that the column has 
axial load only. Generally, will range between 0.4 and 0.55 F,, and 
often sufficient assume 0.50 which the yield stress. 


example, the steel frame shown Fig. will designed for gravity 
loads. the lower level, the loads are w,, 2.0 kip/ft (29.2 N/m) and 


ft. 


FIG. 1.—Design Example 


w,, 1.6 kip/ft (23.3 N/m); the top level, they are w,, 1.8 kip/ft 
(26.3 N/m) and w,, 1.2 kip/ft (17.5 N/m). The yield stress ksi (248 
MPa). The beams are continuously braced laterally. 

Preliminary Beam Sizes.—The inflection point locations and the resulting 
preliminary beam sizes are given Table along with the design data. For 
these 0.66 F,. 

Preliminary Column Sizes.—The information for the preliminary design 
the columns given Table 

For the column moments should noted that while column 
carries larger axial load, will nevertheless less stiff than AE. This 
because the end conditions the far ends, ends and End pinned, 
while end connected another member. Thus, 35% the beam moment 
was distributed column and 65% column AE. 

joint the larger unbalanced moment occurs when the live load placed 
span AB. This distributed the top end column and beam BC. 
While the beam longer than the column, its large moment inertia makes 
considerably stiffer than the column. Thus, 67% distributed the beam 
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and 33% the column. The unbalanced moment occurs when the live 
load span EF. This then distributed beam and columns 
and FJ. the percentages are 60%, 25%, and 15%, respectively. 

For the design, approximate value for 0.34 per inch for columns. 
The equivalent axial loads are given Table The required column areas 
and resulting secitons were determined assuming 0.5 

practice, the column size would the same for both levels, resulting 


TABLE 1.—Preliminary Beam Sizes 


Required 


section 
Distance Inflection End Moments, modulus, Wide 
Points from Column feet-kips 


flange 
Exterior end Interior Exterior cubic inches section 
(3) (4) (6) (7) 


Note: ft-kip 1.36 in. 25.4 mm. 


TABLE 2.—Preliminary Column Sizes 


Axial 
force 
corre- column 
sponding Approximate Moments, 
moment, top base 


square flange 
kips column column inches section 


(3) (7) 


Required 


Note: kip 4.45 ft-kip 1.36 ksi 6.89 MPa; in. 25.4 mm. 


savings over connecting the two different column sections. For this example, 


separate sizes are used for the purpose comparing the initial assumptions 
the final, exact analysis. 


Analysis with Matrix Stiffness Method.—The frame with the preliminary member 
sizes has been analyzed using the matrix stiffness method. The loading cases 


considered were based the application dead load all spans and the 
possible live load variations. 


The results the analysis for the beams are shown Table Col. shows 


AB,CD| 0.07L,, 0.26L,, 117.5 58.8 
Column 
AE, 27.0 25.2 28.1 139.8 7.76 
El, 59.4 15.1 0.0 121.0 6.72 
BF, 46.8 18.5 17.1 122.3 6.79 
FJ, 114.4 10.2 0.0 156.0 8.67 
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that the beam axial stresses are negligible. Col. shows that the maximum 
beam moments from the approximate analysis are within 17% the more precise 
values determined with the matrix stiffness method. The mean discrepancy 
9%. 

Table shows the comparisons the equivalent axial loads from the 
approximate analysis and the maximum values from the matrix stiffness method. 


TABLE 3.—Comparison Results from Approximate Analysis and Matrix Stiffness 
Method Analysis: Beams 


Maximum 
moment 


Maximum 


Maximum moment from from matrix 
axial stress, appropriate stiffness 
kips per analysis, method, 


square inch feet-kips feet-kips 


Note: ksi 6.89 MPa; ft-kip 1.36 kN-m. 


TABLE 4.—Comparison Results from Approximate Analysis and Matrix Stiffness 
Method Analysis: Columns 


Equivalent 


axial load 
from 
approximate Maximum Equivalent 
analysis, moment, axial load, 
kips feet-kips kips 


(5) 


Note: kip 4.45 kN; ft-kip 1.36 


The maximum discrepancy 34% and the mean discrepancy 15%. The 
discrepancy greater for the columns than for the beams. This because 
the column design includes both loads and moments. Also, the estimation 
the moments the columns more approximate than the moments the 
beams. 

The accuracy the procedure function the engineer’s understanding 
the behavior. The procedure presented should not fully automated nor 


Span M,/M,, 

(1) (5) 
AB, 0.46 117.5 118.0 1.00 
0.60 102.4 122.8 0.83 
EF, 0.32 136.5 139.3 0.98 
0.41 122.9 148.0 0.83 

RESULTS FROM 
MATRIX STIFFNESS METHOD 

Column 

AE, 139.8 23.8 27.0 133.9 1.04 
121.0 40.9 14.8 101.4 1.19 
BF, 122.3 53.6 9.2 91.2 1.34 
FJ, 156.0 112.4 12.7 164.2 
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should the guidelines used indiscriminately. There replacement for 
sound engineering judgment. 


DeWolf, T., Analysis Rigid presented the October 
27-31, 1980, ASCE Convention and Exposition, held Hollywood, Fla. (Preprint 
80-549). 

DeWolf, Determination Preliminary Member Sizes for Rigid Steel 
Report No. 80-133, Civil Engineering Dept., University Conn., Storrs, Conn., May, 
1980. 

Manual Steel Construction, American Institute Steel Construction, eighth edition, 
Part New York, N.Y., 1980. 

“Specification for the Design, Fabrication and Erection Structural Steel for Buildings 
(Nov. American Institute Steel Construction, New York, N.Y., 1978. 

White, N., Gergely, P., and Sexsmith, G., Structural Engineering, Vol. John 
Wiley and Sons, Inc., New York, N.Y., 1972, chapter 


DESIGN RETAINING WALLS 


Edward and Walter Members, ASCE 


INTRODUCTION 


The design cantilever retaining wall requires that the size the base 
and the position the stem the base determined, well the thickness 
and reinforcing the stem, toe, and heel. There are many combinations 
base proportions that will satisfy basic design requirements minimum factor 
safety (FS) and maximum toe pressure. Over the years, rules thumb 
have been developed provide trial proportions that will meet these design 
requirements. More recently, there has been more emphasis placed trying 
meet the additional criterion minimum cost. Different techniques that 
have been employed this include geometric programming, simplified 
graphical techniques, and the exhaustive search. Some these methods require 
that simplifying assumptions made that significantly affect the solution, while 
others require expensive computer solutions. 

This paper presents method proportioning cantilever walls that the 

Civ. Engrg., Texas A&M Univ., College Station, Tex. 77843. 

Assoc. Project Engr., Detroit Edison Co., Detroit, Mich. 
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solution not only satisfies the strength and serviceability requirements, but also 
the requirement for minimum cost wall. The method includes computer-gener- 
ated data for use compiling design aid. With this design aid, simple 


rule-of-thumb type design guides can provide walls that are within the 
absolute minimum cost. 


The mathematical model used for the wall shown Fig. includes 
finite wall and base thicknesses with vertical back and battered front wall faces. 
Although active soil pressures the wall were obtained using the Rankine 
method, other earth pressure coefficients can used this design method. 


FIG. 1.—Typical Cantilever Retaining Wall 


Uniform surcharges the toe and the grade behind the wall were provided. 
Here, too, the method can easily expanded consider factors such sloping 
backfill, concentrated surcharge loads, different wall geometries. 


Moments were taken about the toe considering overturning. Overturning 
forces are due the active soil pressure resulting from soil weight and surcharge. 
Resisting forces are the self-weight the structure, the soil above the base, 


and the surcharge. Lateral forces from the soil the toe were not considered 
resisting force. 


The design the wall followed the provisions the American Concrete 
Institute ACI 318-77 strength design with 1.4 1.7 The surcharge 


a" 
GWT. 
b 
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alone was considered live load. additional factor 1.25 was applied 
the active pressure coefficients recommended Ferguson (2). The soil 
pressure and calculations used loads service stress levels. 


Cantilever walls can fail several modes: Shear failure the soil 
surrounding the wall; (2) sliding the wall its base; (3) overturning 
the wall about its toe; and (4) failure the soil bearing beneath the toe. 

Also, the three cantilever beam components retaining wall (stem, toe, 
heel) can fail by: (1) Inadequate shear capacity; and (2) inadequate moment 
capacity. 

Several these failure modes can eliminated from the optimization analysis. 
The cost the stem independent its position the base. Thus, the 
stem can optimized and the dimensions set before the base optimization 
started. The shear strength the soil surrounding the wall not normally 


KEY 
FIG. 2.—Key Prevent Sliding 


affected the wall proportions this mode failure can uncoupled from 
the optimization analysis. Sliding can controlled providing large enough 
base make the friction between the base and the soil greater than the horizontal 
force the soil. Providing key beneath the base shown Fig. will 
also prevent sliding, and does not restrict the base width (1). was assumed 
that key would provided where necessary and therefore, this failure mode 
was uncoupled from the optimization. 

The following failure modes remain constraints: (1) Overturning the 
wall about its toe; (2) failure the soil bearing under the toe; (3) shear 
failure the toe; (4) shear failure the heel; (5) moment failure the toe; 
and (6) moment failure the heel. 

The stem moment and shears can calculated directly. The optimum stem 
thickness can determined considering the cost reinforced section 
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the sum concrete and steel costs, differentiating with respect and 
solving for the minimum. The resulting formula for optimum depth is: 


The variable the ratio cost concrete per cubic inch cost 
reinforcing per cubic inch. This has remained reasonably constant for the last 
few years, and value was used this analysis. This same method 
was used determining the optimum thickness the base designing the 
other two centilever beams, the toe and the heel. The resulting thicknesses 
for stem and base were restricted inch increments. the base thickness 
changed from the assumed thickness, then another iteration was performed. 


TABLE Analyzed 


The base proportions were optimized the use modified exhaustive 
search. The heel width was varied and footing thickness and toe width calculated 
such that the design constraints were just met, i.e., toe pressure was maximum 
was minimum. This provided the minimum toe width the given heel, 
and any longer toes increased the cost. The cost function was the cost 
the base calculated from volume concrete and reinforcing steel. Formwork 
for the base independent base width. The cost was then plotted 


(1) (2) (3) (4) (5) 
100 100 2-5 

12.5 100 100 2-5 
100 100 2-5 
17.5 100 100 3-6 
100 100 3-6 
100 100 1-4 
120 100 1-4 
7.5 100 000 
100 200 1-4 
100 100 2-5 
100 100 2-5 
080 100 2-5 
120 100 2-5 
100 000 2-5 
100 200 2-5 
120 100 2-5 
120 200 2-5 
080 000 2-5 
090 050 2-5 
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function heel width. From this plot easy determine the heel width 
that will provide the minimum cost wall. 

Variation Parameters.—This method still requires the use computer 
for each wall analysis because the computational effort considerable. The 
next step was identify the significant variables the analysis and vary them 
over range that would encompass values usually encountered design. 
Nondimensionalized heel width for the optimum wall can then plotted 
versus the parameters varied. Five parameters were chosen significant: 
go, and Ptm. 

Two standard base cases were assumed. These were the values which 
were used while all others were varied one time. This first base case 
had 7.5-ft (2.3-m) high wall, angle internal friction soil, 30°, 
specific weight 100 (15.7 and surcharge 100 psf (4.79 
The second base case was the same except for the height, which 
was (4.6 m). Two other walls were analyzed. These walls had and 
varied simultaneously predict the maximum and minimum range the 
ratio. The list actual walls analyzed shown Table 

For the purposes this study, the minimum factor safety was kept constant 
1.5. This low value was used for wall with well-known loads and low 
safety hazard. constant surcharge (0.9 was used the toe. 


Plots cost, footing width, and thickness function the heel width 
were obtained for all the walls listed Table The minimum cost was obtained 
from the graph cost versus heel width and the acceptable deviation 
from optimal cost was chosen 5%. Values corresponding the 
least cost were read from the graph. The cost was multiplied 1.05 and 
line was drawn this level. The corresponding and were obtained 
from the intersection the cost function and the straight line representing 
105% optimum cost (see Figs. and 4). The values were nondimensionalized 
dividing the wall height. 

The range acceptable values was then plotted versus the height, 
(specific weight), and surcharge for each Ptm. These graphs are shown 
Figs. 5-8. The base case 30°, 100 pcf, and 100 psf showed 
that 0.27 would insure design within the acceptable range. Plots 
versus and had the 7.5-ft (2.3-m) and 15-ft (4.6-m) walls 
superimposed. 

The graphs versus are shown Fig. the recommended b/H 


30° and 0.24 35°. the desired b/H ratio expressed function 
No, then 


The graphs versus and Ptm are shown Fig. The optimum 
range b/H values not sensitive changes backfill specific weight 
and therefore, the recommended value 0.27 remains unchanged. The 
equation for becomes 
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H = 15.0 ft. 
@ =30° 

qo = 100 psf 
= 100 pef 


COST OF BASE IN DOLLARS 


HEEL WIDTH IN FEET 


15.0 ft. 
30° 

100 psf 
100 pcf 


Ptm=2 Oksf 


BASE WIDTHFT) THICK (IN) 


HEEL WIDTH IN FEET 


FIG. 4.—Optimum Base Width 0.305 
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Pim = iksf Pim = 2 ksf Ptm = Sksf 


HEIGHT 
Ptm = 4ksf Ptm = Sksf Pim = 6ksf 


HEIGHT ———— bopt 
b/H* 27 


Ptm = lksf Ptm = 2ksf Ptm = Sksf 


4 


PHI = (@) 


Pim = 4ksf Pim = Sksf 


4 
bmx 
bopt 

b/H 

2 

20 30 20 30 


Pri 


FIG. 6.—Range with Angle Internal Friction Soil 47.9 


998 ST5 
4 
b/H 
5 0 5 wo 5 wo 5 2 
bmx 
bmn 
2 
5 2 io 20 5 20 


TECHNICAL NOTES 


Ptm = Ptm = 2kst Ptm = 3ksf 


SURCHARGE 


Ptm = Siksf Ptm= Sksf 


——-—— bopt 


SURCHARGE 


FIG. 7.—Range with Specific Weight Soil ksf 47.9 


Ptm = iksf Ptm = 2ksf Ptm = Sksf 


SPECIFIC WEIGHT 


Ptm = 4ksf Ptm= Sksf 


dopt 
b/H= 27 


080 100 120 080 100 120 
SPECIFIC WEIGHT 


FIG. 8.—Range with Surcharge ksf 47.9 


ST5 999 
4a 
/ 
b/H 
2 
° 100 200 
4 
bmx 
2 
4 
3 
080 100 120 080 100 120 080 100 120 
a 
3 
2 


1000 MAY 1981 ST5 


The graphs versus are shown Fig. The recommended b/H 
value again linear function go, and 


The required ratio may now expressed constant modified 


would ideal similar set factors could found determine 
the toe width the total footing width. Nondimensional plots L/H show 
very narrow, acceptable range and pronounced dependence wall height. 


110 f 


Ptm = 2. Oksf 


Ptm = 3.0 ksf 


Ptm = 40 ksf 
Ptm = 5.0 ksf 


4 
2 
w 
< 
o 
fo} 


200 300 400 
HEEL WIOTH IN FEET 


FIG. 9.—Minimum Cost Design 0.305 


Thus, the width too sensitive covered simple set rules, and 
must calculated for each wall. The toe width need calculated only once, 
though, the aforementioned rules are used find the heel width, The 
resulting wall will within the optimum. 

every case studied, the optimum cost wall occurred where the footing 
thickness reached the minimum. This can seen from the graphs Figs. 
and Therefore, optimization schemes that equalize the toe and heel moments 
shears order obtain the minimum thickness base are successful. 
the other hand, the optimal cost base width very rarely coincided with the 
minimum width base. The width base curve not sensitive the position 
the stem the base. Thus, schemes that optimize the minimum width 
base not produce the cheapest wall. However, they often come within the 
acceptable range. 


 _ 
Q = 28° 
85 qo = SOpsf 
= 90 pef 
80 
75 
65 
60 
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The present rule thumb recommended Urquhart (3) and Bowles (1) 
that the toe width 1/3 the base width should used for the first trial. 
The base width assumed 0.4 0.7 the wall height. For the 15-ft 
(4.6-m) wall Fig. defined this paper, varies from 3.0 ft-6 (0.9 
m-1.8 m). The optimal from Fig. 3.58 (1.1 m). The cost the wall 
with 3.0 (0.9 within optimum, while the cost the 
wall with 6.0 (1.8 125% optimum. This method only provides 
reasonable starting point for trial solutions. 

should noted that the factor safety against overturning higher 
for the larger base wall. performing this type cost analysis for different 
overturning factors safety, the opportunity arises study the effect the 
cost versus the risk failure. This study is, however, outside the scope 
this paper. 

The final observation the nonconvex nature the cost function. Changes 
footing thickness give rise sharp changes the wall cost and one 
more relative minima. This fact hampers other methods classical optimization. 

graphical data for this wall show that wall designed with in. 
would have cost within the optimum cost seen Fig. The allowable 
bearing pressure, Ptm, not important determining the dimension. 
important designing the actual footing for shear and bending moment. 


The purpose this study was develop method for designing optimum 
cost cantilever retaining walls. The method was reasonably accurate and 
yet easy apply. After considering several different optimization methods, 
combination direct solution differential calculus and modified exhaustive 
search was chosen. While this method required simplifying assumptions and 
was efficient enough for practical computer application, was still lengthy 
applied hand computations. 

Several different walls were then designed with the significant parameters 
varied over the practical design range. The cost for each these walls was 
plotted function the heel width. The values corresponding the 
optimum cost well those corresponding range above the optimum 
cost were then obtained. These values were nondimensionalized and plotted 
versus the various parameters that were varied. From these plots simple formula 
was derived predict the heel width which will yield wall whose cost 
within the minimum possible: 


The designer must still solve for the toe width for the given set wall 
geometry, soil pressure method, etc. The benefit results from the fact that 
once the toe width determined, the designer assured having cantilever 
retaining wall whose cost within acceptable range the optimum. 
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These equations can developed for particular design office standard 
practice and then optimual design for that set standards may readily 
obtained. 


Bowles, E., Foundation Analysis and Design, \st edition, McGraw-Hill Book Co., 
Inc., New York, N.Y., 1968, pp. 314-318. 


Ferguson, M., Reinforced Concrete Fundamentals, 2nd edition, John Wiley and 
Sons, Inc., New York, N.Y., 1965, 211. 

Urquhart, C., Civil Engineering Handbook, McGraw-Hill Book Co., Inc., New 
York, N.Y., 1940, 608. 


The following symbols are used this paper: 


width footing toe; 

width footing heel width concrete section; 
minimum width footing within optimum cost; 
maximum width footing within optimum cost; 
width footing optimum cost; 
optimum cost; 
dead Loads; 
effective depth concrete section; 
optimum effective depth concrete section; 
specified compressive strength concrete; 
yield point reinforcing steel; 
height retaining wall above top footing; 
live loads width footing; 
factored moment section; 
empirically determined factors; 
permissible soil pressure; 
surcharge retaining wall; 
required strength resist factored loads related internal 
moments and forces; 
ratio cost concrete per cubic inch cost reinforcing 
per cubic inch; 
specific weight soil; and 
angle internal friction soil. 
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WIND SPEED DISTRIBUTIONS AND RELIABILITY 
ESTIMATES 


and James 


INTRODUCTION 


has been shown Refs. and that estimated reliabilities members 
designed accordance with United States practice are significantly lower for 
wind-sensitive members than for members subjected primarily gravity loads. 
empirical bases for confirming—or surprising result appears 
exist. therefore appropriate ask whether the discrepancy between 
estimated reliabilities for the two types members may not partly due 
possible shortcomings current structural reliability estimation methods, 
various assumptions which these methods are based, both. 

One these assumptions pertains the model that describes the probabilistic 
behavior the extreme wind speeds. The purpose this note present 
investigation into the effect this assumption upon the estimation 
reliabilities for wind-sensitive members. Such investigation motivated 
recent research results, according which extreme wind speeds are best modeled 
most cases probability distributions with considerably shorter tails than 
the Extreme Value Type distribution. particular, the Rayleigh distribution, 
other Extreme Value Type III distributions with even shorter tails, have 
been suggested (1,6). 


Estimates 


The safety level measure used this note the reliability index, defined 
(5): 


which and mean and coefficient variation (cov) yield stress, 


Structural Engr., Center for Building Tech., National Bureau Standards, 
Washington, D.C. 20234. 

Structural Engr., Center for Building Tech., National Bureau Standards, 
Washington, D.C. 20234. 

Statistician, Center for Applied Mathematics, National Bureau Stan- 
dards, Washington, D.C. 20234. 
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respectively; and mean and cov stress induced maximum 
lifetime load, respectively; and life member, years. will assumed 
here that the member subjected wind loading alone, and that 
designed that the wind speed with N-year mean recurrence interval, 
will induce stresss 0.6 F,, which nominal yield stress. The 


which analysis factor; force coefficient for mean load; gust 
factor; exposure factor; and maximum lifetime wind speed. The 
square the cov can written approximately 


Eq. must reflect the inherent variability the sampling errors 
the estimation v,, and observation errors, i.e. 


which denotes standard deviation. 


The ratios and depend upon the probability distribution 
the maximum annual winds, denoted 


F(v) Type Extreme Value distribution, then can shown that, 


= 


which and mean and cov maximum annual wind speeds; and 
sample size. 

Rayleigh distribution, then the standard deviation the estimate 
the N-year mean recurrence interval wind speed can shown (see 
Ref. 10, Ref. 253, and Ref. 6): 


which sample standard deviation; and 


(2) 
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Following procedure similar that used Ref. for the case the 
Type distribution, can shown that, for 


Values ¥,/v and are given Table for the Rayleigh distribution 
(these values were obtained numerical integration), and for the Extreme 
Value Type distribution (see Eqs. and 8). 


Values 


Rayleigh type 


Note: Numbers parentheses represent values 


0.16, and 0.025, then can calculated using ‘and 
with and for the type distribution, and with Eqs. 9b, 9c, 
and Table for the Rayleigh distribution. 

far concerned, has been verified numerical integration that 


for both the Type and the Rayleigh distributions, the following expression 
holds: 


v 


N 


0.06 0.10 0.14 0.18 
1.183 1.305 1.427 1.549 
0.051 0.077 0.098 0.116 
1.157 1.262 1.367 1.472 
0.032 0.049 0.064 0.076 
Rayleigh type 1.78 2.75 1.59 2.21 
(0.284) (0.313) 
1.43 1.90 1.20 1.46 
(0.335) (0.384) 
1.88 3.26 1.74 2.69 
(0.264) (0.283) 
1.59 2.31 1.37 1.82 
(0.300) (0.334) 
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(for the calculation see Ref. 82, and Eqs. and 9c. 

Values were calculated assuming 50, 0.096, and ratio 
1.069 (7). The results obtained are given Table Also given 

specified wind speeds with variability, such can presumably 
under controlled conditions, e.g., wind tunnel). With Ve, 
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INTERPRETATION RESULTS 


the extent that the Rayleigh distribution valid, the effect upon the 
more important than, the effect the variability the wind Note 
that the wind speeds assumed deterministic, for 0.12, 
0.11, and 0.16, then 2.52, shown previously, whereas 
case the two types variability have comparable effects. 

The results Table show that the estimated reliability index, depends 
significantly upon whether the assumed probability distribution the extreme 
wind speeds Rayleigh Extreme Value Type For example, for 
0.14 and 30, the Rayleigh distribution holds, then 1.74, whereas 
the Type Extreme Value distribution valid, then 1.37. Thus, 
the extent that the extreme wind speeds are better described Rayleigh than 
Type Extreme Value distributions most cases (6), appears that estimates 
safety levels for wind-sensitive structures previously published the literature 
(and based the Type distribution) are overly pessimistic. 

The estimates presented this paper did not take into account the effect 
of: (1) The dependence the extreme wind speeds upon direction; and (2) 
the post-elastic strength reserve the member. The wind direction effect 
not likely change significantly the ratios between estimated safety levels 
corresponding Rayleigh and Type Extreme Value distribution, 
respectively. However, these ratios would even larger than estimated 
this note post-elastic strength reserve were taken into account. 


Batts, E., al., Hurricane Wind Speeds the United States, Building Science 
Series BSS 124, National Bureau Standards, Washington, D.C., 1980. 
Ellingwood, R., Reliability Structures Against Wind,’’ Third Engineering 
Mechanics Specialty Conference, ASCE, New York, N.Y., 1979. 
Gumbel, E., Statistics Extremes, Columbia University Press, New York, N.Y., 
1958. 
Johnson, L., and Kotz, S., Continuous Univariate Houghton Mifflin 
Company, Boston, Mass., 1970. 
Ravindra, M., and Galambos, V., and Resistance Factor Design for 
Journal the Structural Division, ASCE, Vol. 104, No. ST9, Proc. Paper 14008, 
Sept., 1978, pp. 1337-1353. 


Simiu, E., and Filliben, J., Distributions and Extreme Wind 
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Journal the Structural Division, ASCE, Vol. 106, No. ST12, Proc. Paper 15909, 
Dec., 1980, pp. 2365-2374. 


Simiu, E., and Shaver, R., Loading and Proceed- 
ings, Fifth International Conference Wind Engineering, Pergamon Press, Inc., New 
York, N.Y., 1980. 


Simiu, E., and Scanlan, H., Wind Effects Structures, Wiley-Interscience, New 
York, N.Y., 1978. 
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Closure Roger Aff. ASCE, 
and William ASCE 


The authors thank Burgess and Robertson for their interest this topic and 
for their discussions which revealed current work the United Kingdom 
this area. 

The velocity diagram (Fig. shown Burgess certainly more elegant 
presentation the nail displacements which were diagrammed Fig. 
the original paper. 

his discussion, Robertson pointed out number factors which cause 
the performance wall panels deviate from the simple theory presented. 
Many these phenomena are the subjects the authors’ current research 
endeavors. 

The nail deformation pattern assumed the theory was observed laboratory 
testing (Fig. panels without vertical loads. The application vertical 
load can alter this pattern and decrease the applicability the theory. The 
authors also recognize that the theory should not blindly applied walls 
great length with large number sheathing panels series; the racking 
resistance per unit length certainly reduced such cases. The theory does 
appear very accurate for walls moderate length, however (Fig. 4). 

The theory cannot directly account for openings wall, which disrupt 
sheathing continuity and cause the nailing pattern nonsymmetrical. However, 
was used developing structural analog which each piece sheathing, 
full partial, replaced pair diagonal springs. Preliminary use 
this model indicates its applicability computing the racking strength walls 
with door and window openings (23). 

Robertson also presented some interesting test results Table some 
which confirm and some which deny the theory. The authors cannot comment 


these data without more information regarding sample sizes, test procedures, 
etc. 


23. Itani, R., Tuomi, L., and J., Methodology Evaluate Racking 


Resistance Nailed Submitted for publication Forest Products Journal, 
1980. 


Errata.—The following corrections should made the original paper: 


1978, Roger Tuomi and William McCutcheon (Proc. Paper 13876). 
Engr., U.S. Forest Products Lab., P.O. Box 5130, Madison, Wisc. 53705. 
Engr., U.S. Forest Products Lab., P.O. Box 5130, Madison, Wisc. 53705. 
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Page 1131, title: Should read ‘‘William instead 

Page 1133, line Should read displace without instead 


Closure Ibrahim Murray Temple,’ ASCE, 
and John ASCE 


The writers appreciate the interest their paper shown Williams and 
Howson. 

Williams and Howson have represented the stayed column plane frame. 
They then found the critical load ‘exact’ computer program given 
Ref. This aspect the discussion warrants few comments. 

The merits the finite element method are well known. This solution procedure 
was adopted the writers for determining the critical loads ideal stayed 
columns. Some the advantages are pointed out Ref. Table the 
same reference indicates that the finite element method yields critical loads 
which are the same, for all practical purposes, those obtained the so-called 
solution procedures such the one using stability functions. The critical 
loads were obtained, eigenvalue procedure, from the stiffness matrix 
setup using the finite element method. The solution procedure direct, i.e., 
noniterative. Therefore the computer time involved the study all stayed 
columns considered date has been minimal. 

must emphasized that the critical load should only considered 
the upper limit the load carrying capacity stayed column. has been 
shown, research recently completed the University Windsor, that 
imperfections have significant effect the buckling load (for real stayed 
column). This effect evident Fig. Ref. The finite element method 
ideally suited study the effect imperfections. and Howson’s 
plane frame and method determining the critical load does not seem have 
the same advantages. 

stayed columns, also important study the effect the critical 
load the initial pretension the stays. The plane frame with its 
column core does not seem suited such study. 

One last comment with regard the discussers’ remarks the minimum 


“September, 1979, Ibrahim Hathout, Murray Temple, and John Ellis (Proc. 
Paper 14852). 


Research Asst., Dept. Civ. Engrg., Univ. Windsor, Windsor, Ontario, 
Canada. 

Dept. Civ. Engrg., Univ. Windsor, Windsor, Ontario N9B 3P4, Canada. 

*Prof., Dept. Civ. Engrg., Royal Military Coll. Canada, Kingston, Ontario, Canada. 
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weight for stayed columns. The writers pointed out their paper that the 
ratio critical load the weight stayed column greater with 
than for which the number crossarm members. The discussers 
seem agree with this. The addition another crossarm member increases 
the weight the stayed column more than the critical load increased. Therefore, 
this ratio decreases. minimum cost considered, the labor involved 
adding additional crossarm would more than offset any reduction cost 
due increased load carrying capacity. Thus, stayed columns with only three 
and four crossarm members were considered our paper stayed columns 
with more crossarm members seem academic interest only. 


Closure Srinivasan 


The writer wishes thank Murray and Thieuraf for their valuable 
comments the paper. 

The object the paper was: (1) illustrate that certain situations the 
axial loading plate assembly does not result state uniaxial compression 
the members; (2) identify the situations which significant transverse 
compression would induced which would turn cause reduction the 
buckling stress calculated the basis the assumption uniaxial compres- 
sion; and (3) present general approach which implicitly generates the 
prebuckling stress distribution for the given constraints the transverse plane 
and utilizes this for the buckling analysis. The paper, however, was not written 
with any specific problem mind. 

true that for the problem the infinitely wide stiffened plate (Fig. 
the edges are assumed restrained against inplane movement the 
transverse direction, but this does not, however, mean v,,, along 
the edges the discussers suggest. simply means that the global degrees 
freedom which correspond the transverse inplane movement along the 
longitudinal edges, vanish. 

The writer’s presentation the results the form Fig. against Fig. 
the discussers has purpose. While easy obtain the minimum 
buckling stress for given length plate structure with either type diagram, 
Fig. gives additional insight into the possibility mode interaction 
the postbuckling state. For example, the laterally restrained plate (Figs. and 
case which has sensibly constant buckling stress for spectrum 
halfwave lengths buckling susceptible modal interaction, unlike the 

1979, Srinivasan Sridharan (Proc. Paper 14910). 


Prof. Civ. Engrg., School Engrg. and Applied Science, Washington Univ., 
Campus Box 1130, St. Louis, Mo. 63130. 
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case (the plate not restrained laterally), for which the buckling stress shows 
huge variations with This has been demonstrated Supple (8). 


Journal Solids and Structures, Vol. 1970, pp. 1243-1258. 


The writers with thank Jain and Arya for their complementary observations 
regarding damage structures caused severe storms. They point out the 
seriousness storm surge when structures are positioned vulnerable 
surge effects. Such effects should part design criteria for construction 
cyclone prone areas. 

The discussers mentioned related experiences, research, and practice 
Australia, the Philippines, and Sri Lanka, among other countries. Recent pertinent 
publications from these three countries listed the Appendix will invaluable 
engineers and architects who must plan construction for cyclone prone areas. 
The Australians and Sri Lankans have made considerable progress with the 
design and construction housing for tropical cyclone prone regions the 
result devastating storms which affected their respective countries 1974 
and 1978. 


Design, Cyclone Resistant Dwellings, Part Design, Part 
Department Housing and Construction, Australian Federal Government, Canberra, 
A.C.T., Australia, June, 1976. 


Marshall, D., and Raufaste, J., Resist the Effect Wind 
NBS Building Science Series 100-1, National Bureau Standards, U.S. Dept. Commerce, 
Washington, D.C., May, 1977. 


Ang, H-S., Proceedings the U.S.-Southeast Asia Symposium Engineering for 
Natural Hazards Protection, Dept. Civil Engineering, University Illinois Urbana- 
Champaign, Urbana-Champaign, Ill., 1978. 


Buildings for High Winds: Sri Ministry Local Government, Housing 
and Construction, Colombo, Sri Lanka, Apr., 1980. 


“November, 1979, Joseph Minor and Kishor Mehta (Proc. Paper 14980). 
Inst. for Disaster Research, Texas Tech Univ., Lubbock, Tex. 79409. 
Civ. Engrg., Texas Tech Univ., P.O. Box 4089, Lubbock, Tex. 79409. 
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LAMINATED 


Errata 


The following corrections should made the original paper: 


Page 711, paragraph line Should read ‘‘may neglected (4).’’ instead 

Page 711, paragraph line Should read presence shear stresses 

Page 711, paragraph line Should read theories instead 
theories 

Page 715, paragraph line Should read ‘‘are obtained from the 
instead ‘‘are obtained for the 

Page 719, paragraph line Should read ‘‘when the thickness, the 

Page 721, paragraph line Should read B”]” instead 

Page 721, paragraph line Should read instead 


Discussion John ASCE and Norval 


The author has presented comprehensive and valuable comparative assess- 
ment several empirical formulas for predicting impact effects reinforced 
concrete walls. The purpose this discussion provide some historical 
background one aspect the subject and set proper perspective the 
work concrete penetration conducted develop design criteria and procedures 
for structures subject the effects accidental explosions. 

the discussion the concrete penetrability factor, the author indicates 

1980, Silverman (Proc. Paper 15293). 

1980, George Sliter (Proc. Paper 15411). 


Engr., Ebasco Services Inc., World Trade Center, New York, N.Y. 
10048. 


Assoc., Ammann Whitney, Consulting Engrs., New York, N.Y. 
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that the inverse relationship between and the square root the ultimate 
concrete compressive strength, f’, was first suggested 1966 Kennedy 
(10). worthwhile point out that this functional relationship had been 
identified two earlier published documents, namely, report (28) prepared 
for the U.S. Army Ammann Whitney 1963 and Department the 
Army Technical Manual (23) published 1965. 

The material Ref. was eventually incorporated into the widely used 
tri-service manual (30) for structures designed for explosive effects. More recent 
Ammann Whitney work (24,25) has refined the concrete equations, included 
adjustment factor for the missile properties (Brinell hardness) and added 
empirical equation for penetration steel barriers. this re-evaluation, 
concrete penetrability factor was determined which compares 


the value determined Kennedy from the same basic set 
NDRC test data. Subsequently, has been indicated (26,27) that the Ammann 
Whitney concrete penetration equation can produce valid predictions the 
effects lower speed missiles the types which are interest the nuclear 
power industry. This contrast statements made elsewhere (9,29) that 
the Ammann Whitney formula not applicable lower velocity missiles. 
point fact, the Ammann Whitney formula is, principal, applicable 
such cases the so-called modified NDRC equation since both have their 
origin the same studies (3,7). This fact illustrated the comparisons 
predicted versus measured penetrations Ref. which are quite comparable 
the results shown for the NDRC formula Tables and the original 
paper. 


23. Protective Design Technical Manual 
Department the Army, Washington, D.C., July, 1965. 

24. Healey, al., Fragment Characteristics and Impact Effects Protective 
Technical Report 4903, prepared Ammann Whitney association 
with Picatinny Arsenal under Contract DAAA 21-74-C-0452, Dec., 1975. 

25. and Weissman, S., Fragment Characteristics and Impact Effects 
Protective Design,’’ Minutes the Sixteenth Explosives Safety Seminar, DOD 
Explosives Safety Board, Sept., 1974. 

26. Healey, J., Effects Missile Impact Protective Proceedings, 
Symposium Tornado Technology, Texas Tech University, June, 1976. 

27. Healey, J., and Weissman, S., Discussion Effects Tornado Generated 
Journal the Structural Division, ASCE, Vol. 105, No. ST6, Proc. Paper 
14602, June, 1979, pp. 1212-1215. 

28. Engineering Study Establish Safety Design Criteria for Use 
Explosive Facilities and Report for Picatinny Arsenal, Ammann 
Whitney, New York, N.Y., Apr., 1963. 

29. Structural Analysis and Design Nuclear Plant ASCE Manual No. 58, 
ed. Committee Nuclear Structures and Materials, ASCE, 1980. 

30. Resist the Effects Accidental Explosions (with Technical 
Manual Dept. the Army, Washington, D.C., 1969. 
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Errata 


The following corrections should made the original paper: 


Page 1160, Eq. 24: Should 


i 


aA, 


Page 1161, Eq. 26: Should read 


instead 
oA, 0A, 


0A, 


Page 1161, Eq. 28: Should read 


instead 


ci 


Page 1167, Fig. repetition Fig. and should deleted. 


Discussion Chattopadhyay” 


c 


The writer would like thank Braestrup for his valuable contribution 
the subject. The paper special interest the writer view has own 


“May, 1980, Saka (Proc. Paper 15437). 
1980, Mikael Braestrup (Proc. Paper 15501). 


Asst., Civ. Engrg. Dept., The Polytechnic Central London, Marylebone 


Road, London England. 
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work compressive membrane action concrete slabs. 

There can little argument with the theory presented the basis 
the rigid-plastic assumptions. These are, however, idealized and require careful 
consideration terms their adaptability slabs large span-depth ratios. 
known that one-way slab-strips with large span-depth ratios may fail before 
the concrete compressive stress block the critical section crosses its elastic 
limit. Thus, rigid-plastic analysis through any approach (i.e., deformation theory 
flow theory) not useful for all slabs practical interest. interesting 
note that once this point agreed, flow theory cannot developed, whereas 
deformation theory can. appears that the paper, the discrepancy between 
deformation and flow theory judged the light rigid-plastic approach. 
The approach itself deviates far from reality and therefore, seems that 
comparison should made this context. 

appears that any theory which can predict the ultimate load and the 
corresponding deflection with reasonable accuracy should useful. Thus, the 
suitability theory should not taken depend the maximum deflection 
slab when the total superimposed load ceases exist mentioned 
the author. 

The paper itself appears incomplete without the companion paper 
deflection thickness deflection-span ratio must assumed order 
obtain ultimate load, e.g., Park’s approach. 

the analysis presented, deformability the supports not considered 
and thus any point the load-deflection curve for assumed value w,/h 
must generally deviate from what obtainable practice. 

For restrained slab, peak load the neutral axes are close mid-depth 
but not exactly it. Therefore, the depth the concrete stress blocks 
the critical sections should not taken done the author 
Eq. better rewrite Eq. as: 


as. 


Discussion Himat Solanki,* ASCE 


The writer would like congratulate the author his excellent paper. The 
author seems unaware several references which the writer’s opinion 
bear directly this subject area. The arching effect has been studied greater 
detail Grigorian (50), Hayes (52), Hyttinen and Tuomioja (53), Krylov and 
Kozachevskii (54) and Muspratt (55). The practical application has been treated 
Ref. 51. 


50. Grigorian, S., Effect Statically Inderminate System Subjected 
Armyanskoi, U.S.S.R., (in Russian) June, 1946, Mar. and 
May, 1947. 


“Sr. Design Engr., Engrg. Div., Transportation Dept., County Sarasota, Sarasota, 
Fla. 
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51. for the Design Statically Inderminate Concrete Stroyizdat, 
Moscow, U.S.S.R., (in Russian) 1975. 

52. Hayes, B., for Membrane Action the Plastic Analysis Rectangular 


Reinforced Concrete Magazine Concrete Research, Vol. 20, No. 65, 
1968, pp. 205-212. 


53. Hyttinen, E., and Tuomioja, M., Action Reinforced Concrete Slabs,”’ 
Publication 160, Technical Research Centre, Espoo, Finland, 1971. 

54. Krylov, M., and Kozachevskii, I., Analysis Reinforced Frames 
and Fixed-ended Beams Taking into Account Cracking and the Arching 
Osobennosti deformatsii betona zhelezobetona ispolzovanie EVM dlya ocenki ikh 
vliania povedenie konstrucktsii, Stroyizdat, Moscow, U.S.S.R., (in Russian) 1969. 

Muspratt, A., Tests Rationally Designed Slabs,’’ Magazine 
Concrete Research, Vol. 22, No. 70, Mar., 1970, pp. 25-36. 


The writer would like congratulate the authors for their earnest efforts 
overcome the ‘‘zero deflection maximum problem the rigid-plastic 
approach introducing flow theory elastic-plastic analysis. 

appears that the deformation theory can allow more realistic approach—as, 
the elastic state, the stress block concrete the critical sections can 
reasonably approximated triangular rather than rectangular. The elastic 
approach understable, simpler and known yield good results for the earlier 
part the load-deflection curve and for all slabs practical interest. 

the authors approach when the stiffness the ring beam varies, the deflection 
which reaches Johansen’s load should also vary. Instead choosing some 
constant empirical value w,/h for all the slabs with varying deformable supports, 
the following steps (according the thoery presented the paper) may 
used: (1) Obtains from Eq. 26; (2) evaluate from the relation afc/2hs; 
(3) obtain from Eq. 25; (4) obtain wi/h from Eq. 24, which the load 
deflection curve will linear; and (5) get P/P, for from 
and 27. this value w,/h, P/P, Table shows the results w,/h 
for slabs reported the paper. this way, the empirical assessment w,/h 
which should essentially vary for slabs different shapes, span/depth ratios, 
percentage reinforcements, strengths concrete, and deformability supports 
(both translational and rotational), may estimated. 

would interesting know the suitability the approach outlined 
the paper, cases plain concrete slabs with rigid deformable supports 
which known that the effect compressive membrane action most 

1980, Mikael Braestrup and Morley (Proc. Paper 15502). 


Asst., Civ. Engrg. Dept., The Polytechnic Central London, Marylebone 
Road, London England. 
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significant. Eq. reveals that this case, and from Eq. 24, w,/h 
which seems violate the condition for w,. Another factor 
the procedure the neglect support rotation, the effect which 


both the ultimate load and the corresponding deflection may not necessarily 
negligible. 


TABLE 1.—Results w,/h for Slabs Reported Paper 


“From 25. 
Eq. 24. 


Details the supporting ring beam and the nomenclature used together with 
illustrative diagrams the slab and test rig would most welcome make 
the approach more understable. 


Discussion Cenap ASCE 


The effect small imperfection the stability behavior elastic 
system has been examined Koiter (11), Thompson (14) and others. Three 
main types stability behaviors that have been identified are shown Fig. 
10. While the system becomes unstable bifurcation (branching) 
point all three cases, the behavior the system depends 
the geometry the branching paths the corresponding perfect system. When 
both branching paths are the ascending type shown Fig. 10(a), the 
imperfect system does not become unstable any load level. When branching 
path the descending type shown Figs. and 10(c), small 
imperfection generally transforms the bifurcation point into limit point thus 
resulting large drop the critical load. Such structure often referred 

The specific structure examined the authors essentially the type 
shown Fig. 10(a). If, special case, the distribution the vertical loads 


“July, 1980, Zia Razzaq and Moossa Naim (Proc. Paper 15535). 


Civ. Engrg., 1043 Engrg. Building, Univ. Missouri-Columbia, Columbia, 
Mo. 65211. 


(1) (3) (4) 
0.344 0.6052 0.0364 1.0005 
0.468 0.6362 0.0497 1.0015 
0.845 0.7304 0.0907 1.0067 
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considered such produce identical shortenings all four columns 
become unstable bifurcation point, for value Q.,, without ever 
experiencing any lateral prebuckling deformations (curve Fig. 11). the 
presence small imperfection (as represented, e.g., unequal shortenings 
the columns) the force-deformation curve will ascending one (curve 
Fig. 11) that the structure will not buckle any load level. the 


Load 


Def. Def. Def. 


FIG. 10.—Types Bifurcation (Branching) Points: (a) Stable-Symmetric; (b) Unsta- 
ble-Symmetric; (c) Asymmetric 


A - Perfect System (Exact Analysis) 

B - Imperfect System (Exact Analysis) 

C - Perfect System (Approximate Analysis) 
D - Imperfect System (Approximate Analysis) 


i” 


Deformation 


FIG. 11.—Exact Versus Approximate Analysis 


problem analyzed (approximate) small deformation theory such that 
used the authors, the resulting force-deformation relationship will the 
type curve depending whether the system perfect imperfect. 

follows that the specific analysis presented the authors amounts essentially 
constructing curve step-by-step basis. However, numerical details 
are presented the paper, and not clear when the force-deformation 
curve considered flat.’’ Since, indicated, the imperfect 
system examined the authors does not really become unstable any load 


Ll Load Load 
Load 
4, 4 
=~ vei 
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level, what the authors refer the load nothing 
more than approximation for the bifurcation load the corresponding 
perfect system. For the determinant the stiffness matrix [K] 
equal zero, not just stated the authors. 
follows that can determined most conveniently and accurately from 
the equation det without having construct explicitly any force- 
deformation relationship. 

Generally speaking, the determinant the stiffness matrix structure 
function the load level and the degree imperfection the structure 
(12,13) shown Fig. 12. Note that the curve corresponding the perfect 
system quite smooth the vicinity Q., and has finite slope. 
follows that, when the equation det [K] cannot solved exactly, one 
can calculate approximate yet highly accurate value for evaluating 


Authors’ Structure 
(Exact Analysis-No Buckling) 


Imper fection-Sensitive Perfect System 


Structure 
ructur! 


Limit Point 


Bifurcation Point 


FIG. 12.—Variation Determinant with Load 


det reasonable values and then applying inverse interpolation 
technique. 


Koiter, T., Stability Elastic thesis presented the University 
Delft, Delft, Holland, 1945, partial fulfillment the requirements for 
the degree Doctor Philosophy; English translation: Air Force Flight Dynamics 
Laboratory, WPAFB, AFFDL-TR-70-20-25, 1970. 

Mau, S., and Gallagher, H., Finite Element Procedure for Nonlinear Prebuckling 
and Initial Postbuckling NASA Cr-1936, National Aeronautics and Space 
Administration, 1972. 

Oran, C., and Kassimali, A., Deformations Framed Structures under Static 
and Dynamic Loads,’’ Computers and Structures, Vol. Dec., 1976, pp. 539-547. 

Thompson, T., Branching Points the General Theory Elastic 
Journal Mechanics and Physics Solids, Vol. 13, 1965, pp. 295-310. 


Det. 
Load 
/ 
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Dynamic REDUCTION STRUCTURAL 


may useful, least interesting, discuss this paper its historical 
context. The first eigenvalue economiser was, course, Rayleigh’s method. 


the writer’s knowledge, the first matrix form was published ago (7). 
Reversing history: 


Assume that the slave nodes (S) are unloaded. Unit loads the masters 
(P) give certain deflected shapes. Consider Rayleigh’s quotient for the resulting 
strain energy (SE) and kinetic energy (KE): when the quotient stationary 
for linear combinations these unit cases, have the Guyan frequencies 
(1). 

The strain energy probably the less reliable, becuase local 
caused the point loads. consider the generated the inertia loads 
all the nodes due the deflected shape aforementioned, unit frequency. 

Compare the and generated after single Stodola iteration. 


other words, primitive Rayleigh calculation, but with ‘‘gravity’’ replaced 
the deflections item 


Ref. item gave incredible accuracy, when succeeded all. Mostly, 
the results were spoiled roundoff. The value item was less ambitious, 
but more reliable; however, item too was inclined ill-conditioned. (At 
this distance, the evidence unclear.) 

Truncation the matrix series Eq. the original paper hardly seems 
appropriate. There has better argument. The writer suggests that 


previously 


x,) 


which converts the elastic loads due into x,, (g) converts 
any first-approximation dynamic loads into additional generates the direct 
loads the slave nodes, due x,; like and when multiplied into 
gives the additional quasi-static slave deflections; and (i) turns these into 
additional slave loads. 

The writer remains unenthusiastic, despite the good results, and regrets his 
early association with eigenvalue economisers. aware that they are widely 

“October, 1980, Charles Miller (Proc. Paper 15775). 


Dept. Civ. Engrg., The Univ. Calgary, 2500 University Drive N.W., Calgary, 
Alberta, Canada T2N 
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used. But like Rayleigh’s method, they are not foolproof. Unskilled people 
use commercial packages; such algorithms these, which usually give good 
answers but can behave very badly, are simply not suitable. The writer’s interest 
dwindled when the other subspace technique, due Wilson and Bathe came 
into prominence. However, could that automatic choice slaves, 
pioneered Henschell, will quieten the writer’s prejudices. 


Irons, B., Economisers Vibration Problems,’’ Journal the Royal 
Aeronautical Society, London, England, Aug., 1963, pp. 526-8. 


Errata 


The following corrections should made the original paper: 


Page 2427, paragraph line Should read has instead 


Page 2433, heading: Should read Steel Building instead 

Page 2434, heading: Should read ‘‘Stability Shells and Shell-Like 
instead Shells Shell-Like 

Page 2436, heading: Should read Box, and Curved instead 


“December, 1980, Reidar Bjorhovde (Proc. Paper 15926). 
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Technical Division Council, Technical Committee, Subcommittee, and Task Committee (if any) 
which the paper should referred. Those who are planning submit material will expedite 
the review and publication procedures complying with the following basic requirements: 


Titles must have length not exceeding characters and spaces. 


The manuscript (an original ribbon copy and two duplicate copies) should double-spaced 


one side 8-1/2-in. (220-mm) (280-mm) paper. Three copies all figures and 
tables must included. 


Generally, the maximum length paper 10,000 word-equivalents. approximation, 
each full manuscript page text, tables figures the equivalent 300 words. particular 
subject cannot adequately presented within the 10,000-word limit, the paper should accompanied 
rationale for the This will permit rapid review and approval the Division 
Council Publications and Executive Committees and the Committee Publications. 


Valuable contributions the Society’s publications are not intended discouraged this 
procedure. 


The author’s full name, Society membership grade, and footnote stating present employment 
must appear the first page the paper. Authors need not Society members. 


All mathematics must typewritten and special symbols must identified properly. The 
letter symbols used should defined where they first appear, figures, tables, text, and 
arranged alphabetically appendix the end the paper titled Appendix.—Notation. 


Standard definitions and symbols should used. Reference should made the lists 


published the American National Standards Institute and the Authors’ Guide the Publications 
ASCE. 


Figures should drawn black ink, size that, with 50% reduction, would have 
published width the Journals from in. (76 mm) 4-1/2 in. (110 mm). The lettering 
must legible the reduced size. Photographs should submitted glossy prints. Explanations 
and descriptions must placed text rather than within the figure. 


Tables should typed (an original ribbon copy and two duplicates) one side 
(220-mm) (280-mm) paper. explanation each table must appear the text. 


References cited text should arranged alphabetical order appendix the 
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10. list key words and information retrieval abstract 175 words should provided 
with each paper. 


summary approximately words must accompany the paper. 
12. set conclusions must end the paper. 


13. Dual units, i.e., U.S. Customary followed (International System) units parentheses, 
should used throughout the paper. 


14. practical applications section should included also, appropriate. 
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